CENTER FOR INFRASTRUCTURE
ENGINEERING STUDIES

Experimental Study on Seismic Retrofit Techniques for Cap
Beams, Columns and their Connections of Highway Bridges

By
G. Chen
N. Anderson
R. Luna
R. Stephenson
M. Engebawy
P. Silva
&
R. Zoughi

UTC
R89

University Transportation Center Program at
The University of Missouri-Rolla

Disclaimer
The contents of this report reflect the views of the author(s), who are responsible for the
facts and the accuracy of information presented herein. This document is disseminated
under the sponsorship of the Department of Transportation, University Transportation
Centers Program and the Center for Infrastructure Engineering Studies UTC program at
the University of Missouri - Rolla, in the interest of information exchange. The U.S.
Government and Center for Infrastructure Engineering Studies assumes no liability for
the contents or use thereof.

Technical Report Documentation Page
1. Report No.

2. Government Accession
No.

3. Recipient's Catalog No.

UTC R89

4. Title and Subtitle
Experimental Study on Seismic Retrofit Techniques for Cap Beams,
Columns and their Connections of Highway Bridges

5. Report Date

December 2005
6. Performing Organization
Code

7. Author/s

G. Chen, N. Anderson, R. Luna, R. Stephenson, M. Engebawy, P. Silva, & R. Zoughi

9. Performing Organization Name and Address

8. Performing Organization
Report No.

RG001232 OTO89
10. Work Unit No. (TRAIS)

Center for Infrastructure Engineering Studies/UTC program
University of Missouri - Rolla
223 Engineering Research Lab
Rolla, MO 65409

11. Contract or Grant No.

DTRS98-G-0021

12. Sponsoring Organization Name and Address

13. Type of Report and Period
Covered

U.S. Department of Transportation
Research and Special Programs Administration
400 7th Street, SW
Washington, DC 20590-0001

Final
14. Sponsoring Agency Code

15. Supplementary Notes

16. Abstract
The New Madrid Seismic Zone (NMSZ) is the location of several of the largest earthquake events (1811–1812) in the contiguous
United States. Due to the infrequent nature of earthquake occurrence in this region, little attention has been paid in the past three
decades to its potential threat to regional and national transportation infrastructure. This potential threat is real as inferred from
the January 26, 2001, Kutch Earthquake in India, which occurred in a seismic and geological environment similar to the NMSZ
and resulted in an estimated 0.45 million deaths and injuries as well as $5 billion in economic losses. This study represents the
first systematic investigation in the vicinity of the NMSZ, involving seismologists, geologists, geotechnical and structural engi
neers, and economists. The objective of this study is to improve earthquake resistance and mitigate earthquake damage to
highway transportation networks, including loss of bridges and highways. This is accomplished by developing new seismic
design and assessment methodologies, by improving seismic retrofitting measures, and by exchanging and transferring new
technologies. The main topics of this study included near-field rock and ground motion, deep soil deposit response, bridge
response to near-field ground motion, seismic retrofit of bridge systems, loss estimation methodology, and post-earthquake
assessment of structural conditions.
17. Key Words

18. Distribution Statement

Earthquake hazards, condition assessment, site response analysis, largescale test, seismic retrofit, near-field ground motion, composite source
model, loss estimation.

No restrictions. This document is available to the
public through the National Technical Information
Service, Springfield, Virginia 22161.

19. Security Classification (of this report)

20. Security Classification
(of this page)

unclassified

unclassified
Form DOT F 1700.7 (8-72)

21. No. Of
Pages

95

22. Price

EXPERIMENTAL STUDY ON SEISMIC RETROFIT
TECHNIQUES FOR CAP BEAMS, COLUMNS, AND THEIR
CONNECTIONS OF HIGHWAY BRIDDGES
Genda Chen1, Pedro Silva2, Nicholas Ereckson3, Xiaofei Ying4, and Michael C. Lubiewski3

1. Associate Professor of Civil Engineering, 328 Butler-Carlton Hall, 1870 Miner Circle,
Department of Civil, Architectural, and Environmental Engineering, University of
Missouri-Rolla, Rolla, MO 65409-0030.
2. Assistant Professor of Civil Engineering, 331 Butler-Carlton Hall, 1870 Miner Circle,
Department of Civil, Architectural, and Environmental Engineering, University of
Missouri-Rolla, Rolla, MO 65409-0030.
3. M.S. Graduate Student, 113 Butler-Carlton Hall, 1870 Miner Circle, Department of Civil,
Architectural, and Environmental Engineering, University of Missouri-Rolla, Rolla, MO
65409-0030.
4. Ph.D. Graduate Student, 326 Butler-Carlton Hall, 1870 Miner Circle, Department of
Civil, Architectural, and Environmental Engineering, University of Missouri-Rolla,
Rolla, MO 65409-0030.

This project was supported in part by the Missouri Department of Transportation (MODOT),
Federal Highway Administration (FHWA), Alaska Department of Transportation (ADOT), and
University of Transportation Center (UTC) at the University of Missouri-Rolla (UMR).

ii

TABLE OF CONTENT
LIST OF FIGURES .........................................................................................................................v
LIST OF TABLES....................................................................................................................... viii
LITERATURE REVIEW ................................................................................................................1
Column Retrofitting ...................................................................................................................1
Column/Bent Cap Joint..............................................................................................................4
SELECTION OF THE PROTOTYPE BRIDGE STRUCTURES ..................................................4
Evaluation of Columns and Column/Bent Cap Joints ...............................................................5
Flexural Analysis .................................................................................................................6
Shear Analysis .....................................................................................................................7
Joint Evaluation ...................................................................................................................8
CEUS Bridge Prototype...........................................................................................................10
Alaska Bridge Prototype ..........................................................................................................12
DESIGN AND RETROFIT OF THE TEST SPECIMENS...........................................................12
CEUS Bridge Specimens and Test Setup ................................................................................12
Alaska Bridge Specimens and Test Setup ...............................................................................13
Seismic Retrofit of the Test Specimens ...................................................................................14
Phase I: CFRP Wrapping ...................................................................................................14
Phase II: Steel Sheet and Plate Strengthening ...................................................................17
Phase III: Steel Reinforcement ..........................................................................................29
CONSTRUCTION, INSTRUMENTATION, AND TESTING PROCEDURE ...........................32
Construction of the Test Specimens ........................................................................................32
As-Built Specimens ...........................................................................................................32
Phase I: Repair and Strengthening.....................................................................................33
Phase II: Repair and Strengthening....................................................................................37
Phase III: Repair and Strengthening ..................................................................................38
Instrumentation of the Test Units ............................................................................................40
Phases I and II ....................................................................................................................40
Phase III
....................................................................................................................41
Testing Protocol .......................................................................................................................44
Cyclic Loading...................................................................................................................44
Testing Procedure ..............................................................................................................45
TEST RESULTS AND ANALYSIS .............................................................................................46
Material Properties...................................................................................................................46
Phases I and II ....................................................................................................................46
Phase III
....................................................................................................................47
Phase I Testing: Unit 1.............................................................................................................47
General Observations.........................................................................................................47
Data Analysis ....................................................................................................................50
Phase I Testing: Unit 2.............................................................................................................57
General Observations.........................................................................................................57
Data Analysis ....................................................................................................................58
Phase II Testing: Unit 3 ...........................................................................................................61
General Observations.........................................................................................................61
Data Analysis ....................................................................................................................64
iii

Phase II Testing: Unit 4 ...........................................................................................................68
General Observations.........................................................................................................68
Data Analysis ....................................................................................................................71
Phase III Testing: Unit 5 ..........................................................................................................74
General Test Observations.................................................................................................74
Data Analysis ....................................................................................................................76
CONCLUSIONS............................................................................................................................84
REFERENCES ..............................................................................................................................86

iv

LIST OF FIGURES
Figure 1 Possible performance levels of a typical column-bent cap connection.............................5
Figure 2 K values for use in UCSD shear model. ............................................................................8
Figure 3 Stress block in the center of the joint subjected to axial and shear stresses.....................9
Figure 4 Force distribution area......................................................................................................9
Figure 5 Prototype structure of CEUS bridges: center bent of Bridge A-2428. ...........................11
Figure 6 CEUS bridge model structure for Phases I and II: elevation...........................................12
Figure 7 Column/bent cap reinforcement: cross section................................................................13
Figure 8 Test setup of a bridge model. ..........................................................................................13
Figure 9 As-built Alaska bridge structure for Phase III: elevation................................................14
Figure 10 Column/bent cap cross-section detail for Phase III.......................................................14
Figure 11 Number of CFRP plies for column retrofit....................................................................16
Figure 12 Interior mechanism strut-and-tie model. ......................................................................17
Figure 13 Bent cap strengthening details.......................................................................................17
Figure 14 Overview of the specimen strengthening with steel sheet and plates. ..........................18
Figure 15 External forces and reactions.........................................................................................19
Figure 16 Internal forces................................................................................................................20
Figure 17 Free-body diagram of a portion of bent cap. .................................................................20
Figure 18 Top flat steel plate detailing. .........................................................................................20
Figure 19 Modeling of the top steel plate. .....................................................................................21
Figure 20 Steel nail shooting into concrete column (Unit 3 in Phase II).......................................21
Figure 21 Setup for concrete ring test............................................................................................22
Figure 22 Nail pattern of an interlock joint. ..................................................................................22
Figure 23 Top view of the failed joint. ..........................................................................................23
Figure 24 Side view of the failed joints. ........................................................................................24
Figure 25 Load-strain curves of an interlock jointed steel sheet. ..................................................25
Figure 26 Lap-spliced joint specimen............................................................................................25
Figure 27 Failure modes after nailed-joint testing.........................................................................26
Figure 28 Load-strain curves of 2-row, 3-row, and 4-row nailed joints........................................27
Figure 29 Load-strain curves for the 5-row nailed joints. .............................................................28
Figure 30 The 5-row nailed joint for the 4th beam-column specimen (Unit 4).............................29
Figure 31 Column cross section in reduced reinforcement region. ...............................................30
Figure 32 Column moment curvature diagram..............................................................................30
Figure 33 Shear reinforcement in the retrofitted bent cap. ............................................................31
Figure 34 Additional longitudinal reinforcement in the retrofitted bent cap.................................32
Figure 35 Column strut forces. ......................................................................................................32
Figure 36 The bent cap cage in front of the bent cap forms. .........................................................33
Figure 37 A completed unit during testing. ...................................................................................33
Figure 38 Shear failure...................................................................................................................34
Figure 39 Column repair detail. .....................................................................................................34
Figure 40 Column retrofit at different stages using the manual lay-up technique.........................34
Figure 41 Spalled concrete at the face of the joint failure. ............................................................35
Figure 42 Post-tensioning of the bent cap......................................................................................35
Figure 43 New bent cap repair forms. ...........................................................................................36
Figure 44 The grout after placement in the forms. ........................................................................36
v

Figure 45 Application of CFRP to the bent cap.............................................................................36
Figure 46 GFRP anchor installation and location..........................................................................37
Figure 47 Strengthening of Unit 4. ................................................................................................38
Figure 48 Cutting steel shell and rebar. .........................................................................................39
Figure 49 Retrofit reinforcement installation. ...............................................................................39
Figure 50 Strain gauge placement: column longitudinal and hoop. ..............................................40
Figure 51 Strain gauge placement: bent cap longitudinal..............................................................41
Figure 52 Strain gauge placement: bent cap stirrups. ....................................................................41
Figure 53 LVDT placement: column and bent cap curvature........................................................41
Figure 54 Column strain gauges. ...................................................................................................42
Figure 55 Existing bent cap longitudinal strain gauges. ................................................................42
Figure 56 Retrofitted bent cap longitudinal strain gauges. ............................................................43
Figure 57 Existing cap shear strain gauges....................................................................................43
Figure 58 Retrofitted bent cap shear strain gauges........................................................................43
Figure 59 Retrofitted bent cap side headed reinforcement. ...........................................................43
Figure 60 Retrofitted bent cap top headed reinforcement. ............................................................44
Figure 61 Joint shear deformation LVDTs. ...................................................................................44
Figure 62 Transverse joint expansion LVDTs...............................................................................44
Figure 63 Load protocol.................................................................................................................45
Figure 64 Onset of joint cracking at 0.75 Vy. ................................................................................49
Figure 65 Joint cracking at µ1. ......................................................................................................49
Figure 66 Onset of spalling at µ1...................................................................................................49
Figure 67 Joint cracking µ2...........................................................................................................49
Figure 68 Onset of shear failure µ2.5.............................................................................................49
Figure 69 Column shear failure at µ2.5..........................................................................................49
Figure 70 Cracking in the FRP at µ3.............................................................................................50
Figure 71 Column displacement at µ3...........................................................................................50
Figure 72 Joint shear failure at µ5.................................................................................................50
Figure 73 Bent cap after removing loose concrete. ......................................................................50
Figure 74 CFRP delamination. .....................................................................................................50
Figure 75 Conical joint core failure. .............................................................................................50
Figure 76 Load-displacement hysteresis loops for Unit 1. ...........................................................51
Figure 77 Column curvature distribution.......................................................................................52
Figure 78 Beam curvature distribution. .........................................................................................52
Figure 79 Longitudinal column strains – Line A. ..........................................................................53
Figure 80 Column hoop strains......................................................................................................53
Figure 81 Bent cap stirrup strains. .................................................................................................54
Figure 82 Column FRP hoop strains for rows CF2 and CF3.........................................................54
Figure 83 Bent cap FRP strain gauge placement. ..........................................................................55
Figure 84 Bent cap diagonal FRP strains.......................................................................................55
Figure 85 Bent cap stirrup FRP strains. .........................................................................................56
Figure 86 Crack pattern in bottom of bent cap at 5 µ∆. ................................................................58
Figure 87 Locations of FRP anchors overlaid hollow regions on bent cap face. .........................58
Figure 88 Load-displacement hysteresis loops for Unit 2. ...........................................................58
Figure 89 Column curvature. .........................................................................................................59
Figure 90 Beam curvature..............................................................................................................59
vi

Figure 91 Bent cap diagonal FRP strains.......................................................................................61
Figure 92 Column flexural cracks at V = 258 kN in push direction..............................................62
Figure 93 Column shear cracks distribution in the push direction. ...............................................62
Figure 94 Column shear cracks distribution in the pull direction..................................................62
Figure 95 Bent cap joint crack pattern (above the diagonal steel plates). .....................................63
Figure 96 Bent cap joint crack pattern...........................................................................................63
Figure 97 Crack pattern on the column surface in the push direction. ..........................................63
Figure 98 Crack pattern on the column surface in the pull direction.............................................63
Figure 99 Bent cap joint crack pattern (after removal of diagonal steel plates). ...........................64
Figure 100 Load-displacement curves. ..........................................................................................65
Figure 101 Load-displacement envelope. ......................................................................................65
Figure 102 Axial load changes with lateral displacement. ............................................................65
Figure 103 Bent cap strains of Unit 3. ...........................................................................................66
Figure 104 Bent cap stirrup strains. ...............................................................................................66
Figure 105 Strains on steel rings of Unit 3. ...................................................................................67
Figure 106 Strains in steel plates for joint retrofitting...................................................................67
Figure 107 Column shear cracks....................................................................................................69
Figure 108 Column shear cracks on the side face..........................................................................70
Figure 109 Joint shear cracks outside the retrofitting steel plates. ................................................70
Figure 110 Fracture of column longitudinal rebars. ......................................................................70
Figure 111 Crack pattern on the column behind the retrofitted steel sheet. ..................................70
Figure 112 Crack patterns in the bent cap/joint area. ....................................................................71
Figure 113 Load-displacement curves. ..........................................................................................71
Figure 114 Fluctuation in axial load during testing. ......................................................................72
Figure 115 Strains on bent cap longitudinal reinforcing bars........................................................72
Figure 116 Strains on the stirrups of bent cap. ..............................................................................73
Figure 117 Strains on steel rings....................................................................................................73
Figure 118 Strains in the retrofitted steel plates in the joint area. .................................................74
Figure 119 Test setup.....................................................................................................................74
Figure 120 Cracks on the bent cap.................................................................................................75
Figure 121 Strain penetration and concrete removal on Side A of the bent cap. ..........................76
Figure 122 Concrete removal from side “B.” ................................................................................76
Figure 123 Shear cracks.................................................................................................................76
Figure 124 Load-displacement hysteresis curves. .........................................................................77
Figure 125 Strains in column longitudinal reinforcement. ............................................................78
Figure 126 Shear strain in stirrups prior to strengthening. ............................................................79
Figure 127 Shear strain in stirrups after strengthening..................................................................79
Figure 128 Strains in bottom reinforcing bars of the original bent cap. ........................................80
Figure 129 Strains in bottom reinforcing bars of the retrofitted bent cap. ....................................80
Figure 130 Strains in top reinforcing bars of the retrofitted bent cap............................................81
Figure 131 Strains in transverse headed reinforcing bars..............................................................82
Figure 132 Joint shear deformation. ..............................................................................................82
Figure 133 Crack width at ductility level 4. ..................................................................................82
Figure 134 Joint dilation versus time.............................................................................................83
Figure 135 Joint dilation versus displacement...............................................................................83
Figure 136 Cracking and pullout of main column longitudinal bars. ............................................83
vii

LIST OF TABLES
Table 1 Data of the analyzed bridges.............................................................................................11
Table 2 Predicted failure modes of the analyzed bridges. .............................................................11
Table 3 Test matrix and results for splice nailed joints. ................................................................25
Table 4 Test matrix. .......................................................................................................................45
Table 5 Concrete strengths.............................................................................................................46
Table 6 Rebar strengths. ................................................................................................................47
Table 7 Carbon fiber material properties. .....................................................................................47
Table 8 Concrete strengths.............................................................................................................47
Table 9 Base unit rebar coupon strengths. ....................................................................................47
Table 10 Retrofit rebar coupon strengths......................................................................................47

viii

EXPERIMENTAL STUDY ON SEISMIC RETROFIT TECHNIQUES FOR CAP
BEAMS, COLUMNS, AND THEIR CONNECTIONS OF HIGHWAY BRIDDGES
The Central and Eastern United States (CEUS) and the state of Alaska experienced several of the
largest earthquakes in the early 19th and mid-20th centuries. Even so, the pre-1976 design of
bridges in these regions considered minimal seismic design standards (AASHTO, 1966).
Therefore, many existing structures are vulnerable to seismic loads and need to be retrofitted in
accordance with the current seismic retrofit design standards (Yashinsky and Karshenas, 2003).
Only after the mid-1970s, were structures in the United States designed with proper
considerations for seismic loading (Buckle, 2000; Krawinkler, 1995, 1999). The philosophy of
the modern design of bridges is to allow the development of plastic hinges at the end(s) of
columns for energy dissipation, limited vibration transmission from the substructure to the
foundation, and overall design cost minimization. This can be realized by carefully selecting and
detailing the plastic hinge areas, while the remaining regions are designed to remain elastic
throughout the design seismic event (Priestley et al., 1996; Mazzoni and Moehle, 2001).
Following this approach, a research program was initiated to accomplish two objectives: (1) to
investigate the performance levels or failure modes of typical bridge bents, and (2) to propose
three different retrofit schemes to improve the seismic resistance of bridge structures.
To accomplish the above research objectives, a total of five RC units (specimens) were cast,
retrofitted, and tested under simulated fully-reversed cyclic lateral loading. The test units were
designed and built in 4/5 scale to have failure modes similar to their representative prototype
structures. For ease of reference, the five tested units were presented separately in three phases
according to three proposed retrofit/strengthening schemes, including (1) carbon fiber reinforced
polymers wrapping (CFRP), (2) thin steel sheet wrapping and steel plates strengthening, and (3)
conventional strengthening with mild steel reinforcement. Phases I and II for the development of
the first two retrofit schemes dealt with the typical bridge bent in the CEUS, while Phase III
addressed the deficiency of typical bridge bents in the state of Alaska.
LITERATURE REVIEW
Column Retrofitting
Most of the RC columns designed prior to the 1970s were deficient in shear strength, flexural
ductility, and flexural strength when lap splices were used in critical regions (Sanders et al.,
2002). As a result of conservative flexural design equations adopted prior to the 1970s (Priestley
et al., 1996), the flexural strength of columns without lap splices is often adequate. Each
deficiency corresponds to one potential failure mode that is associated with insufficient amount
of transverse reinforcement and/or seismic detailing. Three typical failure modes in columns are
described as follows.
The first and most critical failure mode is the loss of shear strength in a column. The shear
failure sequence consists of (1) the development of inclined cracks once the tensile strength of
the concrete is exceeded; (2) the opening of inclined or diagonal cracks in the column and onset
of cover concrete spalling; (3) rupture or opening of the transverse or horizontal reinforcement;
1

(4) buckling of the longitudinal column reinforcement; and (5) disintegration of the column
concrete core. While a new column can be better detailed with sufficient transverse
reinforcement for improvement in shear strength, an existing deficient column can only be
enhanced by providing external shear reinforcement or strength to the column in the hoop
direction. The shear capacity of a column needs to be checked mainly in the column end regions
or potential plastic hinge regions where the concrete shear capacity can degrade with increasing
ductility demands (Buckle, 2000; Yashinsky and Karshenas, 2003).
The second failure mode in a column involves the loss of confinement at a flexural plastic hinge
where the sequence of flexural cracking, cover concrete crushing and spalling, longitudinal
reinforcement buckling, and core concrete shortening result in the plastic hinge deterioration.
The occurrence of a plastic hinge failure is typically associated with certain displacement
ductility and is limited to the end(s) of the column. The ductile nature during the development of
inelastic deformation within the plastic hinge is more desirable than the brittle shear failure of
the entire column. For an existing column, such a ductile failure mode can be achieved by
providing sufficient confinement to the column with external hoop or transverse reinforcement in
any jacketing retrofit scheme. The confinement objective is to prevent cover concrete spalling in
the existing column, to provide a lateral support to the longitudinal reinforcement, and to
enhance concrete strength and deformation capacities. All of these characteristics apply along the
entire column perimeter; thus, uniform confinement provided by circular hoops or circular
external jackets can be most beneficial. In rectangular columns, either a circular or oval jacket
can provide confinement along the entire column perimeter, while rectangular jackets only
provide inward corner forces; significant jacket thickness needs to be provided between corners
to restrain lateral dilation and column bar buckling (Priestley et al., 1996).
Finally, for ease of construction, dowel bars are often used in the footing of a tall column. The
lap splices in longitudinal reinforcement are then introduced at the lower end of the column to
form the connection between the column and its footing. As such, these dowel bars are lapped
with the longitudinal column reinforcement in the region of maximum moment demand, which
occurs within the potential plastic hinge region. While the confinement concept discussed
previously for plastic hinges also applies to the lap-spliced column end, the flexural strength of
the column in this case can be governed by the debonding of the lap-spliced joint (Priestley et al.,
1996). Debonding of the lap-spliced joint develops when vertical cracks form in the cover
concrete followed by spalling of the cover concrete and subsequent increased dilation of column
core. In cases where short lap splices are present and little confinement is provided, the
associated flexural capacity degradation can occur rapidly at low flexural ductility, but it can also
occur more gradually with increased lap splice length and confinement. Jacketing can again be
applied to provide continuous, lateral, clamping pressures to the lap-spliced joint, thus increasing
the bond strength of the lap splice (Yashinsky and Karshenas, 2003).
A number of retrofit techniques have been developed and tested to address the three deficiencies
discussed above. They include concrete jacketing, steel jacketing, composite materials jacketing,
and active confinement by wire prestressing. The most common retrofit technique implemented
to date has been steel jacketing, with a small amount of retrofit involving reinforced concrete
jackets or composite materials jackets (Priestley et al., 1996). By 1994, steel jacketing had been
widely used in California to retrofit the columns of several hundred bridges. During the 1994
2

Northridge Earthquake, some 50 bridges with steel-jacketed columns were subjected to peak
ground accelerations of 0.3 g or higher. None of these bridges suffered damage to columns
requesting subsequent remedial work (Priestley et al., 1996).
The steel jacketing procedure was originally developed for circular columns (Chai et al., 1991a,
1991b). Two half shells of steel plate rolled to a radius of 0.5 to 1.0 in. (12.5 to 25 mm) larger
than the column radius were positioned over the area to be retrofitted and were site-welded up
the vertical seams to provide a continuous tube with a small annular gap around the column.
After flushing with water, this gap is grouted with a pure cement grout. Typically, a space of
about 2 in. (50 mm) is provided between the jacket and any supporting member (footing or cap
beam) to avoid the possibility of the jacket acting as compression reinforcement by bearing
against the supporting member at large drift angles. This is to avoid excessive flexural strength
enhancement of the plastic hinge region, which could increase the moments and shears in
footings and cap beam under seismic response.
Chai et al. (1990) strengthened three out of the six circular columns of inadequate shear strength
with cylindrical steel jackets. Each column was tested under a reversed cyclic lateral load with a
constant axial force equal to 10% of the column’s axial load capacity. The unretrofitted columns
exhibited a relatively stable response up to a drift ratio of just less than 1.0%. Afterwards, the
column failed in a brittle shear manner. The hysteretic response of the retrofitted columns,
however, showed a significant increase in ductility and energy absorption capacity.
Thin rectangular steel jackets were epoxy-bonded to concrete columns over the regions of
premature termination of reinforcement to locally augment the flexural and shear capacity of the
columns, ensuring that inelastic action occurs only at the intended plastic hinge at the column
base (Kawashima et al., 1991).
Unjoh and Kawashima (1992) also applied steel jackets of 1.0 mm (0.04 in.) thick for the
strengthening of square columns with an insufficient development length of longitudinal bars.
One of the three columns tested was unretrofitted as a control specimen. The other two columns
were strengthened with 1.0-mm-thick steel jackets of length equal to 1.0 and 1.50 times the depth
of the column cross section, respectively. The control specimen showed the development of a
hinge at the bar cutoff section and a shear failure at the same section. However, the strengthened
columns developed the flexural capacity of the column. With the longer steel jacket, shear cracks
were completely eliminated near the bar cutoff section.
Yoshimura et al. (1991) used welded steel plates for the seismic retrofit of short columns with
inadequate shear strength. The results from testing of nine specimens demonstrated that a short
column strengthened with welded steel plates will not fail in shear. As such, the column can
develop its ultimate flexural capacity. It was also shown that similar steel jackets can be used for
repair of the damaged short columns that have failed in shear.
Priestley et al. (1994a, 1994b) tested eight circular and six rectangular full-scale columns for
shear strength. Test variables included the moment-to-shear ratio, yield strength of steel, and the
shape of the cross section. While all the unretrofitted columns exhibited poor seismic
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performance due to shear failure, the strengthened columns with steel jackets, both circular and
elliptical, developed the ductile flexural response at high levels of displacement ductility.
Column/Bent Cap Joint
Recent earthquakes worldwide have illustrated the vulnerability of existing reinforced concrete
(RC) beam-column joints to seismic loading (Sritharan, 1998). Poorly detailed joints, especially
exterior ones, have been identified as critical structural elements, which appear to fail
prematurely, thus performing as ‘‘weak links’’ in RC frames (Mazzoni and Moehle, 2001). A
typical failure mode in poorly designed joints of inadequate transverse reinforcement is concrete
shear in the form of diagonal tension. Bond failure of rebars has also been observed, especially in
interior joints where rebars are not properly anchored with standard hooks (Paulay and Priestley,
1992). Strengthening of RC joints is a challenging task that poses major practical difficulties. A
variety of techniques applicable to concrete elements have also been applied to joints, the most
common ones being the construction of concrete or steel jackets (Alcocer and Jirsa, 1993;
Mazzoni and Moehle, 2001). Concrete jackets increase the dimensions and weight of structural
elements. Retrofitting with plain or corrugated steel plates has also been investigated (Beres et
al., 1992; Ghobarah et al., 1997). These elements require special attachment through the use of
either epoxy adhesives combined with bolts or special grouting.
Joints can be retrofitted by prestressing and jacketing. Prestressing of a beam-column joint
reduces the tendency for joint cracking due to increase in horizontal stresses, and increases the
shear and flexural strength of the cap beam. Prestressing is designed to increase the cap beam
flexural strength sufficiently to ensure that column plastic hinges are developed for both positive
and negative moments. However, prestressing the joint increases the principal compression stress
within the joint, and design of the prestressing force should ensure that the limit of 0.3f’c is not
exceeded.
Prestressing is likely to be the most effective retrofit technique when the principal tensile stresses
within the joint are reduced below 3.5 f c' psi (0.29 fc' MPa). For higher levels of principal
tensile stresses it may be unfeasible or even impractical to solely use prestressing. In this case,
jacketing the joint by concrete, steel, or composite-materials may also be required to ensure that
the performance of the joint is not likely to degrade, avoiding increased drift angles due to joint
degradation. Typically, the jacket will extend beyond the original joint dimensions into the cap
beam and column in the form of a haunch section. Dimensioning of this haunch section is also
critical in ensuring that the joint stresses are properly dissipated over a wider region (Sritharan,
1998). Jacketing also increases the joint thickness, thus reducing joint stress levels. Extending
the size of the joint into the existing column and cap beam also increases the development length
of column reinforcement and it creates new critical sections for moment capacity at the edge of
the jacket.
SELECTION OF THE PROTOTYPE BRIDGE STRUCTURES
The selection of two prototype structures was accomplished after evaluating a number of typical
existing bridges in the CEUS and the state of Alaska based on established seismic evaluation
techniques, which will be presented in further detail in this section. Then, the two prototype
4

structures were selected to reflect those which were most vulnerable to seismic events and in
greater need of seismic retrofitting. The first prototype structure is a replicate of typical CEUS
bridge bents. The same prototype was used in Phases I and II for comparison of two different
retrofitting techniques. In Phase III, a different prototype structure was selected to duplicate asbuilt plans for bridges located in the state of Alaska.
Evaluation of Columns and Column/Bent Cap Joints
Code requirements for the seismic design of bridges have drastically changed since the 1950s
(AASHTO, 1953). For instance, AASHTO Specifications (1949) did not contain any information
for seismic design of bridges. The first highway bridge code that contained a seismic design
criteria was the 1961 edition (AASHTO, 1961), stating that bridges be designed for a seismic
load equivalent to a percentage of the dead load of the bridges. In contrast, the 1998 AASHTO
Specifications or later edition (1998, 2001) contained requirements that all bridges must be
designed for seismic loads according to standardized seismic zones. In light of the dramatic
evolution of the bridge design code in the mid-1970s, existing bridges built around the 1970s are
of particular interest to this study. Following is a detailed explanation of the evaluation
procedure of existing structures, covering all potential failure modes or performance levels that
will be later discussed in detail in selecting the two prototype structures.
The possible performance levels and the ideal performance level of a bridge substructure are
summarized in Figure 1. The three locations where failure is likely to occur include the end of
columns, the bent cap, and the joint region between the column and the bent cap. Each of these
regions is susceptible to a number of possible failure modes or performance levels. Of all
possible performance levels in Figure 1, the desirable performance level is “A-1” because it
represents the design performance level with the highest energy dissipation capacity and the least
impact on post-earthquake evaluation and retrofit.
Possible Bridge Bent Performance Levels

A) Column
A-1) Ductile column
flexural response
A-2) Brittle column shear
failure

B) Bent Cap
B-1) Ductile bent cap
flexural
response
B-2) Brittle bent cap
shear failure.

A-3) Inadequate transverse
reinforcement to
confine the concrete
core

C) Column/Bent Cap Joint
C-1) Compressive
stresses in the joint
C-2) Tensile stresses in
the joint
C-2a) Potential joint
cracking
C-2b) Detailed joint
design required

A-4) Inadequate
transverse
reinforcement to
prevent buckling of
the longitudinal
reinforcement

Figure 1 Possible performance levels of a typical column-bent cap connection.
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In the event of an earthquake, it is most desirable for a bridge column/bent cap system to behave
in a ductile manner so that there is (1) sufficient warning prior to a total failure of the system,
and (2) limited services remained for use by emergency and other vehicles after the earthquake
(Paulay and Priestley, 1992; Caltrans, 2001). Beyond the ductility of the system, a desirable
performance level allows the possibility for repairing the regions of inelastic deformation
following a seismic event. To achieve these objectives, bridges should be designed such that the
superstructure remains within the elastic range and inelastic actions develop only at the top and
bottom of columns. Each of these performance levels may be assessed according to well
documented design guidelines (Yashinsky and Karshenas, 2003; Paulay and Priestley, 1992;
Priestley et al., 1994; Krawinkler, 1995, 1999).
Flexural Analysis
The ductile flexural response of the column occurs when the column longitudinal reinforcement
is strained beyond the yield limit and the column cover concrete crushes. These indicate the
formation of the plastic hinge at either or both the top and the bottom of the column. In order to
achieve this performance level, it is essential that the bent cap remains elastic to a level above the
ultimate flexural capacity of the column. To evaluate each bent for this criterion, the moment
yield capacity of the bent cap must be compared against the ultimate moment capacity of the
column. Well-established moment/curvature analysis techniques can be used to determine the
initial yielding and the ultimate theoretical conditions of each member. In this project, these were
compared to evaluate the flexural performance of each bent. In order to develop dependable
flexural ductility in the columns, the column concrete core must be properly confined so that the
column longitudinal reinforcement cannot be allowed to buckle.
Core Confinement. Proper confinement on the core concrete of a ductile member can be ensured
by providing adequate transverse reinforcement. The column transverse reinforcement ratio is
governed by (Priestley et al., 1996):
ρ s ≥ 0.16

f 'c ⎛
1.25P ⎞
⎜ 0.5 +
⎟ + 0.13(ρl − 0.01)
⎜
fy ⎝
f 'c ⎟⎠

,

ρs =

4 Asp
D's

(1)

where Asp is the area of the column transverse reinforcement, D’ is the column core diameter, s is
the vertical spacing of the transverse reinforcement, f’c is the unconfined concrete compressive
strength, fy is the yield strength of the column longitudinal bars, P is the axial load applied on the
column, Ag is the column gross sectional area, and ρl is the column longitudinal reinforcement
ratio.
Buckling of Column Longitudinal Bars. Two mechanisms may characterize this performance
level: (1) The transverse reinforcement is spaced so that the column longitudinal bars are likely
to buckle between the transverse reinforcing bars; or (2) the column transverse reinforcement is
adequately spaced but there is not adequate steel area to prevent yielding of the transverse
reinforcement. The column longitudinal bars may buckle as the transverse reinforcement yields
at increased ductility levels. These performance levels may be prevented provided that sufficient
transverse reinforcement is provided according to the equations below (Priestley et al. 1996).
The maximum allowable transverse reinforcement spacing is governed by:
6

s ≤ 6dbl

(2)

in which dbl is the column longitudinal bar diameter. On the other hand, the minimum allowable
transverse reinforcement ratio is governed by:

ρs ≥

0.0052 ρl D f y
dbl
f yh

(3)

where D is the column outside diameter, dbl is the column longitudinal bars diameter, fy is the
yield strength of the column longitudinal bars, and fyh is the yield strength of the column
transverse reinforcement.
Shear Analysis

The shear capacity of the column and bent cap were determined by using the American Concrete
Institute (ACI) shear model (ACI 318, 2002) and the University of California, San Diego
(UCSD) shear models developed by Priestley et al. (1996), respectively. Although similar in
concept, they often lead to different results, especially for columns that experience large inelastic
deformations under cyclic loading. The two models are outlined as follows.
ACI Shear Model. According to ACI 318 (2002), the nominal shear capacity of a given section
is expressed by:

⎛
3P ⎞
V N = VC + V S , Vc = vc Ae , vC =vb ⎜ 1 +
⎟
⎜
f 'c Ag ⎟⎠
⎝
,
υ b = (0.066 + 10ρ t ) f c' ≤ 0.20 f c'

(4)

(MPa)

in which Ae and Vs are the effective shear area and the shear force carried by the reinforcing
steel, respectively. They can be determined by the following two equations:
Ae = bw d = 0.8bw h
Ae = 0.8 Agross = 0.628 D

Vs =

Av f yh d

s
π Ah f yh D '
Vs =
s
2

for a rectangular section
2

(5)

for a circular section

for a rectangular section

(6)

for a circular section

UCSD Shear Model. According to this model, the shear strength of an RC section can also be
determined by (Priestley et al., 1996):
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V N = VC + V S + V P

(7)

in which the concrete component, Vc, is reduced as the section experiences large inelastic
deformations. This accounts for degradation in the shear strength within the plastic hinge region
as cracks widen. For a well-confined section, the reduction factor, K, is shown in Figure 2 as a
function of curvature ductility, µφ. However, this reduction may be greater for poorly confined
sections as in the case of the unstrengthened columns of Phases I and II.
0.35
0.3

K (MPa)

0.25
0.2
0.15
0.1
0.05
0
0

5

10

15

20

Curvature Ductility, µφ

25

30

Figure 2 K values for use in UCSD shear model.
As such, the shear force carried by the concrete, Vc, is computed by:
VC = K Ae

f c'

(MPa)

(8)

The UCSD model uses the same equations as the ACI shear model for the calculation of the
shear force carried by the reinforcing steel, Vs, as given in Equation 6.6. The UCSD shear model
also contains an additional term, Vp, used to increase the shear strength of a section subjected to a
compressive axial force. Below is the equation used to calculate the contribution of the strut
formed by the compressive axial force on the shear capacity of the member:

V p = P tan α

(9)

where α is the angle between the column axis and the axial force strut.
Joint Evaluation

Principle stresses evaluation can be used to determine potential failure mechanisms within the
joint region. The principle tensile and compressive stresses in the joint region are compared to
established allowable joint stresses to evaluate the potential performance of the joint in the event
of an earthquake.
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Determination of Joint Stresses. The principle stresses were computed by taking a stress block
at the center of the joint, as illustrated in Figure 3. This block is subjected to an axial
compression stress, fa, due to the column axial load, Fa (=P), and a shear stress, v, due to the
moment about the joint, Mc. The axial stress is determined by dividing the axial load by the area
over which that force is distributed. The axial load distribution area is defined as the area of the
column increased at 45° in all directions to a maximum of the beam width or ½ of the beam
height. A schematic of this area for a joint with a rectangular column is depicted in Figure 4.
From this figure, the axial stress equation is:
fa =

Fa
Fa
=
L1 L2 wb (hc + hb )

(10)

in which wb is the width of the bent cap. For a joint with a circular column, the axial stress
equation becomes:
fa =

Fa

(11)

2 Dwb

M bL

hb

v

d=0.8hb

f

a

M bR

M bR

hc
Mc
Vc

Fa

a) Joint side view.

b) Bending moment profile.

Figure 3 Stress block in the center of the joint subjected to axial and shear stresses.
L1 = hb +hc

L 2 = Wb

45°

hb/2

hc

45°

hb/2

Wc

a) Joint side view.

b) Joint cross view.

Figure 4 Force distribution area.
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The column moment, Mc, is transformed into an equivalent horizontal shear force, Vjh, by
dividing Mc by a moment arm, d = 0.8 hb, as seen in Figure 3. Therefore, the horizontal shear
stress for a rectangular column, vjh, which is the ratio of the shear force, Vjh, over the shear area,
can be expressed into:
v jh =

V jh
b je hc

=

Mc
0.8hb b je hc

(12)

in which the effective width of the joint is determined by:
b je = 2 ⋅ Wc ≤ Wb

(13)

For a circular column, the horizontal shear stress is written as:
vh =

Mc
0.8hb b je D

b je = 2 ⋅ D ≤ Wb
,

(14)

Allowable Joint Principle Stresses. To evaluate the joint, the principle joint stresses are
compared against established allowable stresses. If the joint stresses exceed the allowable values,
either concrete crushing or the formation of tensile cracks may occur. The maximum allowable
compression stress, pc max, is the stress at which concrete crushing in the diagonal compression
strut within the joint occurs, and is given by:

pcmax = 0.3 ⋅ f 'c

(15)

The tensile stress, pt cracking, is the stress at which tensile joint cracking is expected to initiate, and
is given by:

ptcracking = 30.30 f c'

(16)

If both the principle stresses in the joint exceed the maximum allowable tensile stress, pt max, a
detailed joint analysis is required and the joint must be retrofitted with shear reinforcement for a
proper joint shear transfer mechanism to develop. The allowable tensile stress can be determined
by:

ptmax = 0.42 f c'

(17)

CEUS Bridge Prototype

A total of thirteen highway bridges were evaluated according to the seismic analysis procedures
described in the previous sections. The basic data of the bridges are summarized in Table 1. The
results from this evaluation are presented in Table 2. According to the modern seismic design
methodology, the ductile flexural failure in columns is desirable so long as significant inelastic
10

deformation can be developed. Therefore, the failure modes other than the flexural failure need
to be paid more attention in the selection of the bridge prototype. Since Bridge A-2428 is likely
to experience shear failure both in column and bent cap during a seismic event, this bridge was
selected as the prototype structure of typical CEUS bridges. Its substructure is depicted in Figure
5.
Table 1 Data of the analyzed bridges.
Bridge
No.
A-1466
A-1931
A-1938
A-2024
A-2332
A-2333
A-2334
A-2336
A-2427
A-2429
A-2430
A-3478
A-2428

Year
Built
(Year)
1966
1969
1969
1970
1968
1968
1968
1968
1968
1968
1971
1976
1968

Main Span
Length
(feet)
21
16
29
34
20
22
21
20
28
27
35
23
27

Girder Type
(type)
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous
Steel Continuous

No. of
Bents
(#)
5
4
5
5
6
6
8
6
5
5
4
4
5

No. of
Columns/Bent
(#)
2
2
3
3
2
2
2
2
3
4
3
4
3

Table 2 Predicted failure modes of the analyzed bridges.
Bridge
No.
A-1466
A-1931
A-1938
A-2024
A-2332
A-2333
A-2334
A-2336
A-2427
A-2429
A-2430
A-3478
A-2428

Bent Cap
Flexural Failure
Shear Failure
(PASS/ FAIL)
(PASS/ FAIL)
PASS
FAIL
PASS
MARGINAL
PASS
MARGINAL
PASS
MARGINAL
PASS
FAIL
PASS
MARGINAL
PASS
MARGINAL
PASS
FAIL
PASS
FAIL
PASS
FAIL
PASS
FAIL
FAIL
FAIL
FAIL
FAIL

Column
Column Shear
(PASS/ FAIL)
PASS
PASS
PASS
FAIL
MARGINAL
MARGINAL
MARGINAL
MARGINAL
PASS
PASS
PASS
MARGINAL
FAIL

Figure 5 Prototype structure of CEUS bridges: center bent of Bridge A-2428.
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Alaska Bridge Prototype

Due to potential impact of ice blocks on bridges, the columns in most bridges in the state of
Alaska have higher flexural capacity than the bent caps of the bridges. From a capacity design
point of view, this is not desirable and does not comply with the modern seismic design
methodology. Based on a preliminary evaluation of several bridges built in the state of Alaska
(Silva et al., 1999), the bridges are deficient in that (1) excessive longitudinal reinforcement in a
column imposes high demands on its connecting joint and bent cap, (2) the yield capacity
(flexural) of a bent cap is below the moment demand imposed from the maximum feasible
moment that may develop at the faces of its supporting column, (3) at small rotation, the
embedment of steel shells into the joint region can result in damage of the bent cap cover
concrete, thereby exposing the longitudinal reinforcement to weathering, and (4) the joint shear
reinforcement is inadequate for the levels of principal tensile stresses that may develop in the
joint. A prototype specimen representing the aforementioned deficiencies was designed in order
to study the seismic effectiveness of various strengthening methods.
DESIGN AND RETROFIT OF THE TEST SPECIMENS
CEUS Bridge Specimens and Test Setup

Bridge specimens were designed to reproduce the behavior of the prototype bridge under
simulated seismic loads. Due to constraints imposed by the laboratory floor space and
equipment, a 4/5 scale model of a portion of the prototype bridge bent was considered in this
study. The design of the test unit made use of appropriate scale factors to preserve reinforcement
ratio, reinforcement spacing, and the geometrical aspect ratios of the prototype structure. Details
of the test unit and reinforcing are shown in Figure 6 and Figure 7.
0.61m
44.5mm Ø PVC
Through Load
Stud (As Shown)

0.61m Square
Load Stud

14 - #9
#4 Hoops
@ 15.9mm o/c

50.8mm
#5 Stirrup
@ 184.2mm o/c

152.4mm

5 - #8
Top Reinf.

1 - #5
(Each Side)
Bottom & Top
Bars Bent
at Beam Ends

0.88m

10 - #8 Bars
Bottom Reinf.
Arranged in
2 Layers

0.61m
No Stirrups
Center of
Bent Cap

28.6mm Ø
A490
Bolts

Figure 6 CEUS bridge model structure for Phases I and II: elevation.
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38.1mm (Typ.)

5 - #8
1 - #5
(Each Side)

#4 Hoops
@ 15.9mm o/c

14 - #9
0.61m

0.88m

#5 Stirrup @
184.2mm o/c
10 - #8 Bars

50.8mm

(a) Column reinforcement layout

0.74m

101.6mm

(b) Bent cap reinforcement layout

Figure 7 Column/bent cap reinforcement: cross section.
The overall test setup of a CEUS bridge specimen is illustrated in Figure 8. For safety reasons
and ease of construction and testing, the specimen was set up with the bent cap placed below the
column, which is the upside down position of the prototype structure. To simulate the dead load
of the prototype structure, an axial load was applied on the specimen by an 890kN (200 kips)
hydraulic jack positioned on top of the column. The axial load was then transferred to the bent
cap by a self-reacting load frame with point loads at 1.83 m (72 in.) apart, as shown in Figure 6.
The loads on the bent cap are to simulate the effect of two girders in the prototype structure. The
bent cap ends were tied down to the strong floor to prevent overturning during testing. To allow
the structure to rotate and deflect freely, the scaled model was placed on support blocks with a
pin/roller connection between each support block and the bent cap.
Laboratory
Strong Wall

Hydraulic Jack Used to
Simulate Dead Load
on Structure
Load Cell

Hydraulic
Actuator

0.61m

1.71m
Tie Downs

0.88m

Block A w/
Pin Support

Self Reacting
Loading Frame

Block B w/
Roller
Support

0.51m

0.61m

1.83m

1.37m Laboratory
Strong Floor

5.18m

Figure 8 Test setup of a bridge model.
Alaska Bridge Specimens and Test Setup

A scale specimen to replicate the behavior of typical Alaska bridge structures was also designed.
The dimensions and reinforcement of the specimen are detailed in Figures 6.9 and 6.10. The
main difference between this specimen and the CEUS’s is that a steel shell is embedded into the
joint region for protection of the bridges against potential ice impact. Similar to the CEUS
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specimen, the Alaska specimen was also set up with the bent cap below the column, as shown in
Figure 8.
0.61 m
50.8 mm Ø PVC
Through Load
Stud (As Shown)

0.61 m
Load Stud

50.8 mm

12.7 mm Steel Shell

#3 Hoops
@ 381 mm o/c
#4 Stirrups
@ 254 mm o/c

Steel Shell Embedment
88.9 mm
Bottom & Top
Bars Bent
At Beam Ends

0.74 m
8 - #5 Bars
Bottom Reinf.
Arranged in
2 Layers

0.61m
No Stirrups
Center of
Bent Cap

28.6 mm Ø
A490 Bolts

Figure 9 As-built Alaska bridge structure for Phase III: elevation.
12.7 mm Steel Shell
Steel Shell
Steel Shell Embeded
Embedment
88.9 mm
88.9 mm

8 - #5 Bars
1 - #5 Bars
(Each Side)

0.61 m

#3 Hoops
@ 381mm o/c #4 Stirrups @
254mm o/c
20 - #10

50.8 mm

(a) Column reinforcement layout

8 - #5 Bars

0.74 m

0.74 m

(b) Bent cap reinforcement layout

Figure 10 Column/bent cap cross-section detail for Phase III.
Seismic Retrofit of the Test Specimens

In order to meet the research objectives of this project, three retrofitting schemes were developed
and applied to various specimens. Following is a presentation of each strengthening technique
that was used in the different research phases.
Phase I: CFRP Wrapping

It is well documented in the literature that enhancement of the seismic performance of RC
members can be achieved by wrapping these members with CFRP layers to form a jacket around
the member. Since the flexural failure of a bridge system with sufficient inelastic deformations is
a desirable failure mode in seismic retrofitting, it is preferable not to increase the flexural
capacity of existing bridge columns. Instead, columns are often only strengthened for shear
and/or confinement of the plastic hinge region (Seible et al., 1999; Wang and Restrepo, 2001).
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Column Shear Strengthening. The shear force carried by CFRP wrapping of a column is
determined by subtracting the existing column shear strength from the required design strength.
The shear resisting force provided by a CFRP jacket, Vsj, is given by (Priestley et al., 1996):

V sj =

π
2

t j f j D cot θ ≥

V ° − φ s (Vc + Vs + V p )

φs

(18)

where φ s is the strength reduction factor for shear design, Vsj is the required shear capacity
produced by the CFRP jacket, tj is the jacket thickness, f j = 0.004 E j is the design jacket
strength, E j is the modulus of the jacket material, θ is the greater of 35° or the column corner to
corner angle that is subtended with the column axis, V ° is the shear demand on the column,
Vc ,Vs , V p are the shear capacity provided by the concrete, stirrups, and axial force, respectively.
Solving Equation 6.18 for t j yields:
V°
tj ≥

φs − (Vc + Vs + V p )
0.5π f j D cot θ

(19)

The moment demand on the column at a curvature ductility of 20 was selected as the design
target. Then the ultimate moment demand of the column was computed by first principles and
converted to an equivalent shear force demand, V˚. Considering φ s = 0.85, f j = 132 ksi, D = 24 in,
θ = 35°, V 0 = 147 kips, Vc = 29 kips, V s = 41 kips , and V p = 35 kips , tj = 0.0097 in. Therefore, two plies

of CFRP (0.0065 inches thick each ply) were required for shear, as determined by Equation 6.19.
Due to the brittle nature of shear failure and the elastic behavior to failure of the CFRP materials,
a third ply of CFRP was used to strengthen the column (Ereckson, 2004).
Column Confinement Strengthening. The thickness of the CFRP jacket for confinement greatly
depends on the performance objective set forth for seismic retrofitting, which is curvature
ductility in this case. As higher ductility demands are imposed on the column, increased stresses
are transferred into the CFRP jacket. This factor is taken into account in Equation 6.20 by
increasing the ultimate concrete design strain contingent on the design curvature ductility, which
can be determined from a moment-curvature analysis:

tj ≥

0.1(ε cu − 0.004)Df ' cc
f uj ε uj

(20)

in which εcu is the ultimate concrete strain, f’cc is the ultimate strength of the confined concrete
core, fuj is the ultimate jacket stress, and εuj is the ultimate jacket strain. For this project, a design
displacement ductility of 12 was selected corresponding to the design curvature ductility of
approximately 20. For input parameters, according to Equation 6.20, nine plies of CFRP were
required for column confinement in order to achieve a curvature ductility demand of 20.
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Column confinement strengthening was only required in the locations of the plastic hinge. A
reasonable estimate of the plastic hinge length is (Priestley et al., 1996):
Lp = 0.08 ⋅ L + 0.15 ⋅ f y ⋅ dbl ≥ 0.3 ⋅ f y ⋅ dbl

(21)

where Lp is the length of a plastic hinge, L is the length from the start of the plastic hinge to the
location of contra-flexure, and dbl is the main longitudinal bar diameter. The plastic hinge length
was calculated from Equation 6.21 to be approximately 508 mm (20 in.) (Ereckson, 2004). In
order to achieve a less abrupt change in CFRP wrapping of the retrofitted columns, the number
of CFRP plies was tapered from nine in the plastic hinge for confinement to three for shear
strength, according to the layout shown in Figure 11.
No Plies
Load Stud

489mm
3 Plies

610mm
6 Plies

560mm
9 Plies
50.8mm
Clear Gap

Figure 11 Number of CFRP plies for column retrofit.
Bent Cap/Joint Strengthening. A CFRP retrofit model was proposed for the strengthening of a
bridge column/bent cap joint subjected to applied lateral loads (Dolan et al., 1999; Nanni, 1993).
Figure 12 illustrates the strut-and-tie model that was analyzed to ensure that the tension forces,
TC and TBR, were properly clamped by the horizontal and vertical components of the diagonal
CFRP sheet crossing the joint, respectively. A conservative estimate of the horizontal and
vertical components of the strut can be estimated by (Ereckson, 2004):
⎛ 0 .7 D − 0 .5 c U
FH = TC ⎜⎜
0.5 hb
⎝

⎛ d − 0 .5 c Y
⎞
⎟⎟ , FV = TBL ⎜⎜
⎠
⎝ 0 .5 D

⎞
⎟⎟
⎠

(22)

The tensile diagonal force in the CFRP sheet is then given by:
FCFRP =

(FH )2 + (FV )2
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(23)

CBL

TC

CC

TBR

FH

TBL
FV

CBR

Figure 12 Interior mechanism strut-and-tie model.
With the material properties of CFRP material presented in the Material Property Section, and
the moment curvature analysis at strengthened sections, a total of three CFRP sheet plies were
required and placed in the diagonal direction of the joint (Ereckson, 2004). In order to enhance
the clamping resistance for the diagonal sheets and to enhance the flexural capacity of the bent
cap layers, six additional sheets were placed in the other directions, as shown in Figure 13.

GFRP Anchors Layout

CFRP Sheets Layout

Figure 13 Bent cap strengthening details.
GFRP Anchor Design. GFRP anchors made of glass fibers and subsequently epoxied into holes
predrilled in the concrete member were also used in the second unit. The main objective for
installation of these anchors was to aid in the development of a mechanical bond transfer
mechanism between the CFRP sheets and the concrete, thereby reducing the propensity for the
CFRP delaminations. Since delaminations of the CFRP sheets in the joint region were evidenced
through the testing of the first unit, GFRP anchors were provided to improve the performance
only in the second test unit. The layout of the CFRP anchors is shown in Figure 13.
Phase II: Steel Sheet and Plate Strengthening

In this phase, a new retrofit scheme is proposed with the use of a nail-jointed thin steel sheet
wrapping around the circular column of each specimen, steel rings as stiffeners in the plastic
hinge area, and welded steel plates on the bent cap in the joint region. The steel plate assemblage
for the joint retrofit consisted of two welded steel cages and two x-shape braces connecting the
two steel cages. Each steel cage was formed by one top plate, one bottom plate, and two side
plates that were installed around the bent cap on either side of the column. Each x-shape brace
was placed along either side face of the bent cap. The overview of the strengthening design of
the joint is shown in Figure 14. Following is a presentation of the design of each component.
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Figure 14 Overview of the specimen strengthening with steel sheet and plates.
Column Confinement Strengthening. Strengthening for confinement of the column core was
required only in those locations where the plastic hinge developed. From the moment curvature
analysis of the unretrofitted column, the curvature at first yield and location of the neutral axis at
the desired curvature ductility were determined to be 0.0048 1/mm (0.00019 1/in.) and 225 mm
(8.8 in.). Considering the material properties 241 MPa (35 ksi), the required thickness of the steel
jacket in the plastic hinge region was determined from Equation 6.20 to be 6 mm (0.24 in.) over
a length of 508 mm (20 in.). In the retrofit scheme proposed in this phase, steel rings as stiffeners
were used to provide the equivalent confinement to the concrete column and the thin sheet that
was required for shear strengthening. The three steel rings of 76.2 mm (3 in.) spacing were
required, with each ring 76.2 mm (3 in.) tall and 6.35 mm (0.25 in.) thick. To facilitate the
construction of steel rings, a 12.7 mm (0.5 in.) thick steel pipe was taken and cut into three rings.
Column Shear Strengthening. The column shear demand was obtained after the moment
demand at the fixed end of the column and at the desired curvature ductility was determined.
Next, this moment demand was converted to an equivalent shear demand for each specimen.
Similar to the column shear design with the CFRP wrapping, the thickness of the thin steel sheet
for shear strengthening can be determined from Equation 6.19, except that different material
properties must be used. For a cold-formed steel sheet of 345 MPa (50 ksi), the required
thickness is estimated to be 0.635 mm (0.025 in.). Due to availability, a 20-gauge thin sheet was
actually used in retrofit.
Bent Cap/Joint Strengthening. After design of the column retrofit for the desired ductility and
for the required shear capacity, the design for the bent cap strengthening was performed to
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ensure that the bent cap and joint regions would remain nearly elastic as the column reaches its
ultimate lateral capacity. For this purpose, a three-step analysis of the internal forces carried
through the joint was performed, based on which the required steel strengthening with diagonal,
top, and vertical plates was determined.
The first step in the joint analysis was to solve for the external forces acting on the structure. The
test setup in Figure 8 was statically determinate; the reactions applied on the specimen, as shown
in Figure 15, can be easily solved using the equations of equilibrium.

Figure 15 External forces and reactions.
The second step was to determine the internal forces at the faces of the joint. To do so, three
section cuts were made at the joint face, as shown in Figure 15: (1) at the right joint face, (2) at
the left joint face, and (3) at the base of the column. Considering the aspect ratio of the cross
sections of the column and bent cap, the beam theory was applied to determine the internal
concrete compressive forces and the longitudinal reinforcement tensile force. For analysis
purposes, it was assumed that the shear force on each cut section was transferred through the
compressive concrete zone of the cut section. This is mainly because the aggregate interlock and
dowel action at each cut section is dramatically reduced when cracks widen and crack surfaces
become smooth under cyclic loading. Furthermore, the cut sections do not cross any shear
reinforcement, as can be seen from Figure 6. The potential shear failure in the column and bent
cap depicted in Table 2 indicated that shear cracks are likely to open considerably such that
under a strong earthquake event the shear force distribution within the neutral axis is reasonable.
Based on this assumption, the vertical shear forces applied on the two bent cap sections are in
equilibrium with the reactions of the bent cap on the left and right sides of the column,
respectively. All internal forces at the joint faces are summarized in Figure 16.
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Figure 16 Internal forces.

Figure 17 Free-body diagram of a portion of bent cap.

The third and last step is to determine the principle tensile force at the joint. The internal forces
in Figure 16 indicated that a compressive strut is likely to form from the top right to the bottom
left of the joint, as illustrated by a dashed line in Figure 16. The tensile force that is
perpendicular to the compressive strut can then be determined from a free body diagram shown
in Figure 17. This force was determined to be Fl = 586 MPa (85 ksi), which will be provided by
the addition of the diagonal steel plate.
The size of the diagonal steel braces can then be determined using the diagonal force, Fl. As
illustrated in Figure 14, considering a diagonal plate of 4.76 mm (3/16 in.) thick, the width of the
diagonal plate was determined and selected to be 305 mm (12 in.).
The selection of the top steel plate depended mainly on the stiffness requirement. This can be
inferred from the observations during testing of the first unit (column-beam joint specimen) that
was repaired with CFRP wrapping, as shown in Figure 13. The CFRP strip on the top face of the
bent cap was bulged up, indicating that it was lack of bending stiffness. Since there was no
stirrup used in the joint area of the unretrofitted beam-column specimen, for the design purpose
of the top steel plate, the joint shear was assumed to be provided by the diagonal steel plate. The
horizontal component of the diagonal force, Fl, is provided by the friction between the bent cap
concrete and the top steel plate. Since the strain in the vertical steel plate was relatively low (<
20%) as validated during testing, the vertical component of the diagonal force was considered to
be completely taken by the upward evenly distributed force “c,” as shown in Figure 18, which
was applied perpendicularly on the top steel plate.

Figure 18 Top flat steel plate detailing.
Due to the constraints of the bent cap and its self-reacting loading frame, Figures 6.7 and 6.8, the
top steel plate was selected to be 432 mm × 635 mm (17 in. × 25 in.). The thickness of the top
plate was determined by limiting the bending deflection of the plate within L/100, where L is the
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span length of the top plate. Due to the presence of two steel angles that connect the top plate
with the side plate by welding, the two ends of the long span of the top plate were assumed to be
fixed while the other two ends with a short span were free, as shown in Figure 19. From this
simple model, the maximum deflection of the top plate under the uniform load was determined to
be 4.66 mm (0.183 in.), which is less than L/100.

Figure 19 Modeling of the top steel plate.
Nailed Joint Design of Thin Steel Sheet. To meet the column shear requirements, a 20-gauge
steel sheet was used to enhance the column shear capacity. The steel sheet was wrapped around
the column, as illustrated in Figure 20. The steel sheet is very flexible and can be bent to any
required shape by hands in field condition. To close the wrapping, steel nails for concrete
structures were used at the sheet joint area, as shown in Figure 20.

Figure 20 Steel nail shooting into concrete column (Unit 3 in Phase II).
In this research program two types of joints were considered: interlock and lap-spliced joints.
These joints were designed such that pullout failure did not occur prior to yielding of the steel
sheet. To investigate the behavior and failure mode of the nail joints, both nailed joint tests and
concrete ring tests were conducted.

21

Interlock Joint Tests. To fully characterize the behavior of the interlock joints, concrete rings
were designed and cast to facilitate the testing of each joint specimen. Each concrete ring was
wrapped with a steel sheet that was nailed together with an interlock joint. The test setup of the
concrete ring is shown in Figure 21. Each concrete ring was 153 mm (6 in.) in height, 406 mm
(16 in.) in insider diameter, and 559 mm (22 in.) in outside diameter. The steel sheet was 20gauge (0.036 in.) in thickness. The spacing between nails and the edge distance of exterior nails
is 25.4 mm (1 in.). To facilitate the longitudinal deformation, a 2.54 mm (0.5 in.) gap was
designed at either end of the joint, as shown in Figure 21. One strain gauge was instrumented in
the joint area to measure the strain on the steel sheet close to the end of the joint. One load cell
was used to measure the applied load through the hydraulic jack placed inside the ring. The nail
pattern of an interlock joint is presented in Figure 22. It is envisioned that the interlock joint is
stronger than the lap-spliced joints studied above. Therefore, 2-row nailed joints were considered
in the tests of concrete ring specimens, as shown in Figure 22. Note that the orientation of the
hydraulic jack was either as shown in Figure 21 or 90° different from this during testing.

Hydraulic Jack

.
Figure 21 Setup for concrete ring test.

(a) Top view

(b) Side view

Figure 22 Nail pattern of an interlock joint.
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A total of eight specimens were tested. The failure modes of the specimens (top and side views)
are shown in Figures 6.23 and 6.24, respectively. The load-strain curves of all specimens were
recorded during the testing. However, they fell into two distinct categories: one with significant
inelastic deformation (specimens 1, 2, 4, and 7) and the other with sudden change in the applied
load within small deformation (specimens 3, 5, 6, and 8), revealing brittle failure behavior. After
testing of all specimens was completed, it was discovered that the specimens that showed brittle
failure (nails were pulled out) were so because the interlock joint did not allow the steel sheet for
significant longitudinal deformation due to either loss of the 12.5 mm gap or concrete filling in
the gap during construction. The load-strain curves of specimens 1, 2, 4, and 7 are presented in
Figure 25 to illustrate the ductile behavior and the ability of fully developing the yielding
strength (approximately 50 ksi) of the interlock joints. The final design of the 3rd beam-column
joint (Unit 3) is presented in Figure 20 with 2-row nails in the interlock joints with 50.8 mm (2
in.) spacing outside the plastic hinge. Within the plastic hinge length, the nail spacing was large
(3–5 in.) due to presence of the steel rings as stiffeners.

Figure 23 Top view of the failed joint.
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Figure 24 Side view of the failed joints.
Lap-Splice Joint Test. A total of 16 nailed joints were prepared for coupon testing on the MTS
Instron 4469 loading machine with both the applied load and deformation between two supports
measured by an internal load cell and an internal Linear Variable Differential Transformer
(LVDT). The test matrix is given in Table 3. The average and the coefficient of variation
(C.O.V.) of the maximum load, the strain at maximum load, and the strain at break are given in
Table 3. Note that one of the specimens with five rows of nails was damaged before testing. To
mimic the constraint from the inside concrete column in retrofitting, all nails of each joint
specimen were nailed into a wood block. The specimens and the applied load are shown in
Figure 26. The spacing between nails and the distance from an exterior nail to the edge of the
steel sheet were set to 25.4 mm (1 in.), respectively.
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(a) Specimen 1

(b) Specimen 2

(c) Specimen 4

(d) Specimen 7

Figure 25 Load-strain curves of an interlock jointed steel sheet.
Table 3 Test matrix and results for splice nailed joints.
No. of
Nail Rows
2
3
4
5

No. of
Specimens
4
4
4
3

Max. Load (lb)
Average
C.O.V.
1990
0.18
2360
0.19
3370
0.16
4100
0.12

Strain at Max. Load (%)
Average
C.O.V.
0.39
0.21
0.68
0.19
1.94
0.18
3.23
0.14

Figure 26 Lap-spliced joint specimen.
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Strain at Break (%)
Average
C.O.V.
0.59
0.19
0.88
0.17
2.66
0.17
3.36
0.12

The failure modes of representative coupon specimens are presented in Figure 27. During the
tension testing, it was observed that the nailed joints with two or three rows failed due to the
pullout of the nails without experiencing significant deformation on the steel sheet. This failure
mode happened suddenly and revealed undesirable brittle behavior. The other specimens with
four or five rows of nails showed some deformation of the steel sheet at various holes before the
nailed joints failed, indicating the failure of steel bearing. This bearing failure mode is desirable
for the seismic retrofit of columns with thin steel sheet wrapping.

(a) Nails pullout failure

(b) Steel sheet bearing failure

Figure 27 Failure modes after nailed-joint testing.
Three representative load-strain curves for 2-, 3-, and 4-row nailed joints are presented in Figure
28, respectively, while all three test results for the 5-row nailed joints are shown in Figure 29.
These load-strain curves confirmed that the 2-row and 3-row specimens failed in pullout of the
nails, and 4-row and 5-row specimens failed in steel bearing. In general, as the number of nail
rows increases, the deformation on the steel sheet increases, indicating more ductile behavior.
For the 5-nailed lap-spliced joint pattern, the results in Figure 29 from three identical coupon
specimens indicated the consistent ductile performance of the joint.
The maximum load and the strains corresponding to the maximum load and the break of the test
specimen, respectively, are summarized in Table 3 from several identical specimen tests, in
terms of their average and coefficient of variance (C.O.V.). These statistical results indicate that
the C.O.V. decreases with the increase of the number of rows or the test results are becoming
more consistent. Based on these results, it was concluded that a 5-row nailed joint is satisfactory.
The final design of the lap-splice joint for the 4th beam-column specimen (Unit 4) is presented in
Figure 30 with 5-row nails of 50.8 mm (2 in.) spacing.
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(a) 2-row nailed joint

(b) 3-row nailed joint

(c) 4-row nailed joint

Figure 28 Load-strain curves of 2-row, 3-row, and 4-row nailed joints.
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(a) Specimen 1

(b) Specimen 2

(c) Specimen 3

Figure 29 Load-strain curves for the 5-row nailed joints.
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Figure 30 The 5-row nailed joint for the 4th beam-column specimen (Unit 4).
Phase III: Steel Reinforcement

A large number of existing bridge columns in the state of Alaska are typically overreinforced and
do not satisfy proper capacity design considerations. As such, the retrofit schemes consisted of
reducing the flexural capacity of the column and increasing the flexural and shear capacity of the
bent cap and joint region, respectively. These two objectives were accomplished by reducing the
column longitudinal reinforcement, increasing the beam size, and providing internal
reinforcement capable of transmitting the internal joint shear forces. In order to avoid failure of
the bent cap and the joint, and to ensure that a plastic hinge will form at the column ends, the
following two principles were followed in developing the retrofit design for this phase:
1. The bent cap and the joint were designed to behave elastically during a seismic event.
2. The moment capacity of the bent cap was greater than the ultimate capacity of the column.
Column Retrofit: Reducing Flexural Capacity. The as-built column reinforcement ratio was
6.5%, which is significantly high and may lead to large amounts of joint shear requirements. To
decrease the demands on the joint and the bent cap and to increase the column ductility, the
amount of reinforcement in the column was reduced. First, a 50.8 mm (2 in.) wide cut on the
steel shell was made close to the joint to prevent damage of the cover concrete of the beam due
to rotation of the embedded steel shell (Silva et al., 1999). Then eight column rebars were cut
leading to a reinforcement ratio of 3.8%. Figure 31 depicts the new alignment of the
reinforcement in this region, and the steel shell gap above the joint. The size of the bent cap was
increased by 152.4 mm (6 in.) on top and 158.75 mm (6.25 in.) on both sides to reduce principle
stresses and increase the moment capacity of the bent cap. Additionally, longitudinal
reinforcement and shear reinforcement were added to the bent cap. A moment-curvature analysis
was performed for the original column (ρ = 6.5%) and for the reduced longitudinal reinforcement
(ρ = 3.8%). The results are illustrated in Figure 32. It is clear that the reduction of the
reinforcement ratio results in a significantly higher ductility, and the overall load capacity of the
column was reduced.
Bent Cap Retrofit. The bent cap’s flexural capacity was increased according to the ultimate
moment capacity of the column with a longitudinal reinforcement ratio of 3.8%. Consequently,
14 #5 bars were used for longitudinal reinforcement confined by closed stirrups. This
longitudinal reinforcement was sufficient to increase the elastic moment capacity of the bent cap
to 859 kN-m (7600 kips-in.), exceeding the moment demand of 734 kN-m (6500 kips-in.).
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Cut Steel Shell

Gap 50.8mm

Column Hoop

Remaining Rebar

New Concrete

152.4mm

Cut Rebar
Existing Concrete

(a) Column Cross Section

(b) Steel Shell Gap

Figure 31 Column cross section in reduced reinforcement region.
Curvature [1/in]
0

0.002

0.004

0.006

0.008

0.01
25000

ρ = 6.5%

2500
20000

2000

Moment (kips-in)

Moment (kN-m)

µφ = 36

15000
1500
ρ = 3.8%

10000

1000
µφ = 18

5000

500
0

0
0

0.001

0.002

0.003

Curvature [1/cm]

Figure 32 Column moment curvature diagram.
Additional Vertical Joint Reinforcement. A minimum amount of area of steel through vertical
stirrups, Ajv, was also added in the new bent cap concrete section. Additional stirrups were placed
in the joint and within the column longitudinal reinforcement, and in bent cap at a distance of hb
away from the column face. Within the distance hb from the column face, the joint shear
reinforcement was computed by (Priestley et al., 1996):

A jv = 0.125λ 0 Asc

f y ,c
f y ,v

= 2150 mm2 (3.33 in.2)

(24)

where λ0 is the material overstrength factor, Asc is the area of the column longitudinal steel, fy,c is
the column longitudinal steel yield stress, and fy,v is the yield stress of the vertical stirrups. Inside
the joint region, the joint shear reinforcement was computed by:
A jv = 0.095λ 0 Asc

f y ,c
f y ,v

= 1630 mm2 (2.53 in.2)

(25)

Four stirrups were placed for the external joint region, and three stirrups were placed for the
internal joint region giving Ajv = 2060 mm2 (3.20 in.2) and Ajv = 1550 mm2 (2.40 in.2). These
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values are smaller than the required amounts, but since the material overstrength factor of λ0 =
1.4 was used, these levels were considered sufficient to ensure a proper joint shear design.
A total of 11 stirrups were spaced at 228.6 mm (9 in.) center to center (o.c.). For the remaining
edges of the beam, the stirrups were spaced at 406.4 mm (16 in.) o.c., which is within the ACI
minimum allowable spacing for shear reinforcement. The spacing for the retrofitted stirrups is
shown in Figure 33.

Note: All dimensions are in mm
3620
895
h

781mm

1 @ 406 O.C.

895
h

781

11 @ 229 O.C.

1 @ 406 O.C.

Figure 33 Shear reinforcement in the retrofitted bent cap.
An area of additional top beam longitudinal reinforcement, ∆Atb, and bottom beam
reinforcement, ∆Abb, was required to ensure a proper joint shear mechanism:
∆Atb = 0.17λ0 Asc

f y ,c
f y ,b

,

∆Abb = 0.15λ0 Asc

f y ,c
f y ,b

(26)

where fyb is the yield stress of the longitudinal bars of the bent cap. The calculated ∆Atb and ∆Abb
were 2190 mm2 (3.40 in.2) and 1940 mm2 (3.00 in.2), respectively. Instead of the design above,
#6 bars were used throughout the bent cap as the longitudinal reinforcement. Eight #6 bars,
which correspond to ∆Atb = 2610 mm2 (4.04 in.2), were used as additional top reinforcement. For
the bottom, six #6 bars were used such that ∆Abb = 2040 mm2 (3.16 in.2). Figure 34 shows the
placement of the additional longitudinal bars, along with the placement of the area of steel
required to increase the elastic moment capacity of the beam.
Headed reinforcement was added on the sides and top of the existing concrete section in contact
with the new concrete section. The headed reinforcement was required to provide adequate shear
flow from the existing concrete to the new concrete section. The headed reinforcement was
placed in sets of three and at the same spacing as the shear stirrups, as shown in Figure 33. In
addition to providing a proper mechanism for shear flow, the headed reinforcement also provided
confinement to the joint area. On the sides, the headed reinforcement was extended halfway into
the bent cap. This ensured that a mechanism to confine the concrete in the joint region and
prevent transverse dilation of the bent cap was also developed. On top, the headed reinforcement
was extended to a depth equal to the depth of the column longitudinal reinforcement. Since all of
the shear reinforcement, both existing and retrofit, is focused toward the outer portion of the bent
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cap, headed reinforcement was placed on top of the bent cap to properly anchor the column
longitudinal bar struts back into the bent cap section, as shown in Figure 35.
Note: All dimensions
are in mm

Cut Steel Shell
50.8

New
152.4
#5 Headed
Bars
#4 Bars
Existing
895.4
#6 Bars

158.8

736.6
1054.1

Figure 34 Additional longitudinal reinforcement in the retrofitted bent cap.
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Cc
Mc

Vc

Strut force developing
outside of the joint
region

Confinement Mechanism

Figure 35 Column strut forces.
CONSTRUCTION, INSTRUMENTATION, AND TESTING PROCEDURE
Construction of the Test Specimens
As-Built Specimens

The four specimens in Phases I and II were all proportional to the selected prototype structure
before the retrofit scheme was applied. For the construction of each unit, the reinforcement bars
of various sizes were cut and bent into different shapes. They were tied together into a rebar cage
and then placed in a timber formwork for concrete placement, as illustrated in Figure 36 for the
bent cap of a beam-column specimen. Column reinforcements were then put in place and tied
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together. Concrete was poured and adequately vibrated to allow for consolidation in the bent cap
first and then the column. The bent cap concrete was placed in three 300 mm (12 in.) lifts and
was thoroughly vibrated to prevent honeycombing of the concrete. The column was cast in a
similar manner but in three lifts of approximately 600 mm (24 in.) each. After a twenty-eight day
cure period, the specimen was positioned for testing. Figure 37 shows the picture of a completed
specimen in the middle of testing.
Although Unit 5 was representative of the prototype bridge for the state of Alaska and differed
from the first four units in dimension and reinforcement detailing, the construction process of the
specimen was similar. The completed unit is shown later in the test data analysis.

Figure 36 The bent cap cage in front of the
bent cap forms.

Figure 37 A completed unit during testing.

Phase I: Repair and Strengthening

Unit 1 was tested in three stages: (1) to column shear failure, (2) to joint shear failure, and (3) to
ultimate. Following each of the first two stages, testing was paused and the unit was repaired and
strengthened according to the retrofit scheme previously described. Unit 2 was retrofitted in its
virgin condition for both column and bent cap. In this section, details of the repairing and
strengthening for Unit 1 and Unit 2 are presented.
Column Strengthening Construction: Units 1 and 2. As shown in Figure 38, large diagonal
cracks over the length of the column and significant spalling at the column base of Unit 1
required repair prior to column strengthening. For repair of the column, the shear cracks and
region of spalling were filled with a high-strength, non-shrink grout (Nanni and Dolan, 1993;
Nanni, 1993; Nanni et al., 2001). Grout was used because the column cracks were too many and
too wide to use epoxy injection effectively.

The construction procedure used in the column repair is given in detail as follows:
1. Loose concrete was removed from the column in regions of spalling and near cracks wider
than 3 mm. A hammer and a chisel were used to help break away any concrete that was loose but
had not completely spalled.
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2. A form for the grout was placed around the existing column. The form was cut in half and
placed around the existing column, allowing for the grout to flow around the column into void
regions and cracks.
3. Portions of the form were removed so that the space between the form and existing column
was only 13 mm (0.5 in.) at the extreme faces in flexure, and 51 mm (2 in.) at the sides as
depicted in Figure 39.
4. The form was bound around the existing column to create a completely closed tube.
5. Grout was poured and vibrated in 305 mm (12 in.) lifts.
Following repair, the column was wrapped with carbon fiber reinforced polymers (CFRP) in the
hoop direction (Nanni and Dolan, 1993; Nanni, 1993; Nanni et al., 2001). Shown in Figure 40
are pictures of the column strengthening process. The strengthening of Unit 2 was very similar to
that of Unit 1, with the main difference that no repair was required prior to strengthening.

13mm

Direction of
Lateral Force

51mm
Original
Column

Increased Column
Size due to Repair
Bent Cap

Figure 38 Shear failure.

Figure 39 Column repair detail.

Figure 40 Column retrofit at different stages using the manual lay-up technique.
Bent Cap/Joint Strengthening Construction – Unit 1. The bent cap was repaired after failure to
this damage level, as shown in Figure 41. The repair of the bent cap/joint was performed in a
similar manner to that of the column. A new bent cap form was constructed around the area of
damage. This form was filled with the same high-strength, non-shrink grout used in the column
repair.
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Figure 41 Spalled concrete at the face of the joint failure.
The steps used in the bent cap repair are outlined below:
1. Loose and/or spalled concrete was removed from the face of the joint in a similar manner
to that employed on the column.
2. The bent cap was post-tensioned to close, as much as possible, the cracks in the joint. (See
Figure 42.)
3. New forms were constructed and placed around portions of the joint to be repaired. (See
Figure 43.)
4. High-strength/non-shrink grout was used to fill the cracks and voids in the joint. (See
Figure 44.)
5. CFRP sheets were used to strengthen the joint. The fibers were placed according to the
strengthening design previously discussed and following specifications and recommendations
reported in the literature (Nanni and Dolan, 1993; Nanni, 1993; Nanni et al., 2001). (See Figure
45.)
6. The post-tensioning of the bent cap was removed and testing of Unit 1 continued.

Figure 42 Post-tensioning of the bent cap.
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Figure 43 New bent cap repair forms.

Figure 44 The grout after placement in the forms.

Figure 45 Application of CFRP to the bent cap.
Bent Cap/Joint Strengthening Construction – Unit 2. During testing of the first unit, several
areas were observed where the CFRP sheets had delaminated. Consequently, GFRP anchors
were used to create a mechanical bond between the CFRP and the concrete in Unit 2. The bent
cap/joint strengthening scheme of the second unit changed because of the use of GFRP anchors.
GFRP anchors were applied in locations where delaminations were observed during testing of
the first unit. Anchors were placed for three reasons:
1. To prevent the delamination of the ends of the CFRP sheets in regions of high-tensile stress
concentration.
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2. To prevent the buckling of the CFRP sheets in areas of compressive stresses.
3. To anchor the conical concrete core of the bent cap/column joint.
Figure 46 shows the GFRP anchor installation and locations where the GFRP anchors were used.
FRP
FRPAnchors
Anchors
Used
UsedininAreas
Areas
ofofHigh
HighStress
Stress
Concentration
Concentration

FRP Anchors Used in Areas of
Compression Struts

Figure 46 GFRP anchor installation and location.
The GFRP anchors were made by cutting GFRP fibers to the desired length. The length of the
cord to be embedded in the concrete is saturated in epoxy. A hole is drilled in the concrete and a
similar hole is cut into the FRP sheet being bonded. The precured portion of the anchor is placed
in the hole, and the holes are filled with epoxy. The “free” fibers above the FRP sheet are fanned
onto the fiber sheet to increase the surface area of the bond.
Phase II: Repair and Strengthening
Column Strengthening Construction: Unit 3. Unit 3 was tested up to a lateral load of 251 kN
(56.4 lbs) before the column longitudinal reinforcement was subjected to yielding. The column
was then strengthened according to the following procedure:
1. A 25.4 mm-thick two-half foam ring was used to support the lightweight steel sheet for
column retrofitting (see Figure 20).
2. A 20-gauge steel sheet was wrapped around the column and its two ends were connected
with an interlocked joint and 2-row nails into concrete column (see Figure 20).
3. A gap of approximately 12.7 mm between the steel sheet and the concrete was filled with
non-shrink cement grout. The steel sheet was tapped at every 305 mm (12 in.) filling of
grout.
4. Four 12.7 mm-thick and 76.2 mm-tall steel rings were cut from a standard steel pipe and
placed outside the steel sheet every 76.2 mm. Each ring was cut into two halves that were
placed around the steel sheet and the column in the plastic hinge zone. They were welded
into a full ring as a stiffener to the thin steel sheet for column retrofitting.
Column Strengthening Construction: Unit 4. Unit 4 was strengthened in its virgin condition
according to the following procedure:
1. Wobo® Mbrace Putty approximately 1-mm thick was applied on the surface of the portion
of the column to be retrofitted.
2. A 20-gauge steel sheet was wrapped around the column and its two ends were lap spliced
with 5-row 25.4 mm-long nails into the concrete column (see Figure 30).
3. Three 12.7 mm-thick and 76.2 mm-tall steel rings were cut from a standard steel pipe and
placed around the steel sheet every 4.5 inches. Each ring was cut into two halves that were
placed around the steel sheet and the column in the plastic hinge zone. They were welded
into a full ring as a stiffener to the thin steel sheet for column retrofitting.
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Bent Cap/Joint Strengthening Construction – Units 3 and 4. The bent cap of each unit was
strengthened together with the column retrofitting. The main difference between the two units is
the use of four external prestress rods in Unit 4, as shown in Figure 47. The purpose of these rods
is to prevent the cracks in the joint from widening, and therefore the stiffness of the entire
assemblage may not be degraded significantly. The bent cap retrofitting consisted of two welded
steel plate boxes, one installed on either side of the column. The two steel boxes were connected
by one x-shaped diagonal brace on either side of the bent cap. The installation procedure is
detailed below:
1. Three plates were welded together first. They were then put in place around the bent
cap and the fourth plate was welded on the three-plate package to form one steel box.
The other steel box was fabricated in a similar way but placed on the other side of the
column.
2. Two diagonal brace members were welded together to form an x-shape brace. The xshape brace was then installed between the two steel boxes and welded on the steel
boxes.
3. The gap between steel plates and bent cap concrete was small so that very thin grout
was mixed using cement materials that were poured through the small gap.

Figure 47 Strengthening of Unit 4.
Phase III: Repair and Strengthening

The specimen tested in Phase III replicated the typical bridge columns and bent caps in the state
of Alaska. These columns are characterized by large reinforcement ratios and are encased in a
steel shell partially embedded in the bent caps. The bent caps are characterized by insufficient
flexural and joint shear reinforcement capable of ensuring complete ductile response of the
column.
Because large column reinforcement ratios lead to columns with an ultimate moment capacity
that can be in many structures higher than the yield moment capacity of the bent cap, plastic
hinges are likely to form in the bent cap. This is not a desirable seismic performance. As such,
the first step in the seismic rehabilitation of this test unit consisted of cutting the steel shell at the
column bent cap interface and leaving a gap between the end of the steel shell and the bent cap.
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After this gap was created, the column cover concrete was removed around some of the column
longitudinal bars. Next, portions of the longitudinal reinforcement were cut in order to reduce the
column longitudinal reinforcement ratio and, subsequently, the column yield moment capacity.
In addition, the bent cap was increased in size to reduce the joint principle stresses. In this new
bent cap concrete section, longitudinal and shear reinforcement were added to increase its
moment capacity so that it would remain elastic and prevent joint shear failure.
As in Units 2 and 4, Unit 5 was strengthened before it was tested. The entire surface of the cap
beam was roughed to increase the bond strength between the existing concrete and the retrofit
concrete. The beam was vacuumed to clean the surface free of dust. The steel shell on the
column was cut 203 mm (8 in.) above the existing concrete, shown in Figure 48. This ensured a
gap of 50.8 mm (2 in.) between the end of the steel shell and the new concrete. The concrete
surrounding the four longitudinal bars on the sides was then removed and the bars were cut (see
Figure 48).
All of the headed reinforcement was installed on the existing concrete beam with a non-sag HS200 gel epoxy from U.S. Anchor Corporation. After the epoxy cured, the retrofit longitudinal and
shear steel was tied into place, as shown in Figure 49. The beam was then formed and the new
concrete was poured.

Figure 48 Cutting steel shell and rebar.

Figure 49 Retrofit reinforcement installation.
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Instrumentation of the Test Units
Phases I and II

To correlate the performance of the test unit with the analytical models, deflections, curvatures,
and strain of the units, as well as the loads on the unit were recorded throughout testing. The
instrumentation layout is outlined below:
1. Sixty-eight internal strain gauges were mounted to the steel reinforcement prior to placement
of the concrete. The arrangement of these gauges is given in Figure 50 through 6.52.
2. A combination of twenty Linearly Variable Differential Transformers (LVDTs) and linear
potentiometers were mounted on the test units to measure the relative curvature of the column
and bent cap. The arrangement of these devices is depicted in Figure 53.
3. Five LVDTs were fixed to a mounting bracket under the test unit to measure the absolute
deflection of the bent cap.
4. One displacement transducer internal to the actuator was used to record the displacement at
the top of the column.
5. Two load cells were used to record the axial load on the column throughout testing.
6. One load cell internal to the actuator was used to record the lateral load at the top of the
column.
7. One data acquisition system was used to record the information from each instrument at
regular time intervals dependent on the testing cycle and testing rate.
8. For Units 3 and 4, each steel ring is instrumented with two strain gauges, one on each side
(tension or compression) of the column.
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Figure 50 Strain gauge placement: column longitudinal and hoop.
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Note: All dimensions are in mm
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Figure 51 Strain gauge placement: bent cap longitudinal.
Note: All dimensions are in mm
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Figure 52 Strain gauge placement: bent cap stirrups.
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Figure 53 LVDT placement: column and bent cap curvature.
Phase III

The instrumentation layout for Phase III is described below:
1. Ninety-nine strain gauges were mounted on the reinforcement and on the outside of the
steel shell. The arrangement of these gauges is given in Figures 6.54 through 6.60.
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2. A combination of six linear potentiometers was mounted on the test specimen to measure
the relative curvature of the bent cap. Six LVDTs were positioned to the joint region to measure
shear deflections. The arrangement of these devices can be seen in Figure 61.
3. Two LVDTs were positioned at the center of the joint to measure transverse dilation of the
joint, as shown in Figure 62.
4. One displacement transducer internal to the actuator was used to record the displacement at
the top of the column.
5. Two load cells were used to record the axial load on the column throughout testing.
6. One load cell internal to the actuator was used to record the lateral load at the top of the
column.
7. Two data acquisition systems were used to record the information from each instrument at
regular time intervals.
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Figure 54 Column strain gauges.
Note: All dimensions are in mm
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Figure 55 Existing bent cap longitudinal strain gauges.
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Note: All dimensions
are in mm
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Figure 56 Retrofitted bent cap longitudinal strain gauges.
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Figure 57 Existing cap shear strain gauges.

Figure 58 Retrofitted bent cap shear strain gauges.
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Figure 59 Retrofitted bent cap side headed reinforcement.
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Figure 60 Retrofitted bent cap top headed reinforcement.

768

JVb
8b

JHb

7b

J2

J1

4a

483

3a

Note: All dimensions are in mm

JVa

32.13°"

Figure 61 Joint shear deformation LVDTs.

Figure 62 Transverse joint expansion LVDTs.
Testing Protocol
Cyclic Loading

In all phases, testing was in load control during the first four cycles, as shown in Figure 63.
During these first four cycles, all the units were loaded at increments of 25% of first theoretical
yield. After theoretical yielding, these units were loaded in displacement control using three
cycles at each incremental level. The ductility levels used during testing are depicted in Figure
63. In Unit 5, at the displacement ductility 8, the unit was subjected to five cycles, instead of the
typical three cycles.
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Figure 63 Load protocol.
Testing Procedure
Phase I. This phase has two test units retrofitted with CFRP wrapping that were designated as
Unit 1 and Unit 2. Table 4 shows the test matrix for Phase I of this research project. The first and
second scale models were tested in several tasks under fully reversed cyclic loading according to
the testing plan shown in Table 4.

Table 4 Test matrix.
Testing Plan

Unit 1

Unit 2

Retrofit Technique

Task 1:
a. Test to shear failure of the virgin column at a displacement ductility
of 1.5–2.0.
b. Repair and strengthen the column for shear over the column height
and confinement within the plastic hinge region.
Task 2:
a. Continue to test to joint shear failure of the repaired unit at a
displacement ductility of approximately 3.
b. Strengthen the joint and bent cap according to proper joint shear
transfer mechanisms.
Task 3:
Test to flexural failure of the column by pullout of the column
longitudinal reinforcement from the joint region due to excessive joint
shear failure.
Task 4:
Strengthen the unit and test to ultimate failure by fracture of the column
longitudinal reinforcement. This indicates that the proposed retrofit
scheme was adequate in preventing undesirable performance levels.
However, it is essential that the retrofit be accomplished prior to any
damage within the joint region.

CFRP

CFRP

CFRP

Phase II. This phase also has two specimens, Units 3 and 4, tested to failure. Each column,
however, was strengthened with a thin steel sheet that was stiffened with steel rings, while the
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bent cap/joint was strengthened with steel plates and x-shape braces. Like Unit 1, Unit 3 was
tested in its virgin condition to the completion of three load-controlled cycles with some cracks
observed during testing. It was directly strengthened without repairing since the cracks were
small. Based on the test results of Units 1 and 2, both the column and the bent cap/joint of Unit 3
were strengthened at the same time to ensure joint strengthening was effective. Similar to Unit 2,
Unit 4 was strengthened in its virgin condition.
Unit 3 failed in pullout of the column longitudinal reinforcement at displacement ductility of 8,
while Unit 4 failed in fracture of the column rebar at a displacement ductility of 12.
Phase III. One specimen, Unit 5, was strengthened with bent cap widening and tested to failure
under the loading protocol identical to those for Units 1 through 4.

Unit 5 test results indicate that the plastic hinge was formed in the location that was intended,
and that joint shear did not occur in the longitudinal direction of the bent cap. Joint shear did
occur in the transverse direction of the bent cap leading to eventual anchorage failure of the
column longitudinal bars, and hence degradation and loss of ultimate capacity of the column at
high ductility levels.
TEST RESULTS AND ANALYSIS
Material Properties
Phases I and II

Samples of the concrete and reinforcing steel were taken and tested to determine the actual
material properties for use in the final analysis of the four units. One set of four concrete
cylinders was taken from each concrete placement. The strengths from these tests are given in
Table 5.
Table 5 Concrete strengths.

Unit 1
Unit 2

28 Day
Strength
(MPa)
34.7
24.3
29.1
34.4

Beam
Column
Beam
Column

Strength at Time
of Testing
(MPa)
36.8
25.5
31.8
37.4

The reinforcing steel material properties were determined by performing a standard steel coupon
tension test. Three coupons of each bar size were tested to accurately determine the actual bar
strengths. Table 6 shows the average of those tests.
The material properties of the carbon fiber were obtained from the material data sheets provided
by the manufacturer. The type of carbon fiber used for strengthening was changed between the
strengthening of the first and second units. However, the material properties as supplied by the
manufacturer remained nearly the same for both fibers, as given in Table 7.
46

Table 7 Carbon fiber material properties.

Table 6 Rebar strengths.
Bar #
4
5
8
9

Yield
Strength
(ksi)
600
414
552
538

Ultimate Tensile Strength
Ultimate Rupture Strain
Tensile Modulus
Fabric Width
Nominal Thickness

Unit 1
3790 MPa
1.67%
228 GPa
610 mm
0.17mm/ply

Unit 2
3790 MPa
1.67%
228 GPa
610 mm
0.17mm/ply

The material properties of the steel sheets used for strengthening of Units 3 and 4 were
determined from the lap-splice joint tests. It is seen from Figure 29 that the yield strength of the
steel sheets tested (average of three specimens) is approximately 241 kPa (35 ksi). The properties
of steel rings are from 317 kPa (46 ksi).
Phase III

One set of three concrete cylinders was taken from each concrete placement. The average
strengths from these tests are given in Table 8.
Table 8 Concrete strengths.
28 Day
Strength
(MPa)
33.8
29.3
33.8

Beam
Column
Retrofit

Unit 5

Strength at Time
of Testing
(MPa)
29.0
27.1
36.9

Similarly, the reinforcing steel material properties were determined by performing a standard
steel coupon tension test. Table 9 shows the average of the three coupon tests for each size of
bars in the base unit, and Table 10 shows the average values for the retrofit steel.
Table 9 Base unit rebar coupon strengths.
Bar #
3
4
5
10

Table 10 Retrofit rebar coupon strengths.

Yield
Strength
(MPa)
310
427
552
517

Bar #
4
5
6

Yield
Strength
(MPa)
503
490
496

Phase I Testing: Unit 1
General Observations
Application of Axial Load. To simulate the dead load on the structure, the axial load was applied
to the unit in the first stage of testing. No cracking was observed as the axial load was increased
from 0.0 to 712 kN (160 kips). The axial load on the column varied cyclically with lateral
displacement. As the column lateral displacement increased, the bars used to apply the lateral
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load elongated causing an increase in the axial load; and as the lateral displacement decreased,
axial shortening of the column caused a decrease in load. Together, these factors contributed to
+/– 10% variation in the column axial load.
Testing in Load Control. Testing progressed and observations were noted at the following load
control cycles:
• 0.25 Vy, Push – 80.1 kN (18.0 kips), Pull –100.3 kN (22.5 kips): Minor cracks developed near
the bottom center of the bent cap in the push and pull directions.
• 0.50 Vy, Push/Pull – 172.8 kN (38.8 kips): The cracks developed in the first load cycle
continued to propagate and widen.
• 0.75 Vy, Push/Pull – 300.3 kN (67.5 kips): Shear cracks in the column and joint began to
develop in the push and pull directions (see Figure 64).
Testing in Displacement Control. Testing progressed and observations were made at the
following displacement control ductility levels:
• 1 µ∆, 19.8 mm (0.78 in.): Spalling of the cover concrete began at the column base in the pull
direction (see Figure 65 and 6.66).
• 2 µ∆, 39.6 mm (1.56 in.): Spalling at the column base propagated to 76.2 mm (3 in.) above
the beam face in the push direction and 152.4 mm (6 in.) above the bent cap face in the pull
direction. Joint cracks opened to approximately 1.59 mm (1/16 in.). Column cracks opened to
approximately 3.18 mm (1/8 in.) (see Figure 67).
• 2.5 µ∆, 50.8 mm (2 in.): During the pull phase of the cycle, shear failure of the column
occurred at a displacement ductility of approximately 2.5 µ∆. A marked decrease in column
lateral load in conjunction with excessive opening of column shear cracks evidenced this failure
(see Figure 68 and Figure 69).

Following the column retrofit for shear and confinement, testing was resumed and observations
were made at the following displacement ductility levels:
• 2.5 µ∆, 50.8 mm (2 in.): The unit was tested to the same displacement level that caused the
column shear failure following the column repair. As testing proceeded in the push direction, a
crack of approximately 4.76 mm (3/16 in.) in width opened in the column FRP matrix.
• 3 µ∆, 59.4 mm (2.3 in.): A similar crack was noted as the unit was subjected to this
displacement ductility level. A second crack formed in the column FRP matrix in the pull
direction of the third cycle (see Figure 70 and Figure 71).
• 4 µ∆, 79.3 mm (3.1 in.): The onset of joint shear failure occurred in the push direction of the
first cycle and was evidenced by 3.18 mm concrete offset on either side of the bent cap (see
Figure 72). The joint cracks opened to 3.18 mm (1/8 in.) and the column cracks opened to 4.76
mm (3/16 in.). The cover concrete spalled to 254 mm (10 in.) above the face of the beam.
• 5 µ∆, 99.1 mm (3.9 in.): In the push direction, additional cracks began to form in the joint. In
the pull direction, joint failure began to occur as evidenced by the opening of cracks and the
onset of spalling on the east side of the joint. Anchorage failure of the column longitudinal
reinforcement was also noted at this load level (see Figure 73).
Following joint repair and retrofit, testing was resumed and observations were made at the
following displacement ductility levels:

48

• 5 µ∆, 99.1 mm (3.9 in.): An additional cycle was performed to the displacement ductility level
that had caused the onset of joint shear failure.
• 6 µ∆, 118.9 mm (4.7 in.): In this cycle, the longitudinal FRP sheets began to delaminate near
the ends of the bent cap. Delaminations of the FRP on the east side of the joint were indicated by
a hollow sound when tested with a light hammering. The transverse FRP sheets wrapping the
bent cap prevented a full delamination (see Figure 74).
• 8 µ∆, 158.5 mm (6.2 in.): Observations at this displacement ductility included (1) buckling of
the FRP in compressive regions within the joint, (2) continued anchorage failure of individual
column longitudinal bars with increased lateral displacement, and (3) anchorage failure of the
longitudinal column bars as a group, evidenced by a large cone failure on the top face of the bent
cap (see Figure 75).

Figure 64 Onset of joint cracking at 0.75 Vy.

Figure 65 Joint cracking at µ1.

Figure 66 Onset of spalling at µ1.

Figure 67 Joint cracking µ2.

Figure 68 Onset of shear failure µ2.5.

Figure 69 Column shear failure at µ2.5.
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Figure 70 Cracking in the FRP at µ3.

Figure 72 Joint shear failure at µ5.

Figure 71 Column displacement at µ3.

Figure 73 Bent cap after removing loose concrete.

Figure 74 CFRP delamination.

Figure 75 Conical joint core failure.

Data Analysis
Load-Displacement Relation. Figure 76 shows the hysteretic behavior of the column with loaddisplacement curves. In examining this figure, column shear failure was characterized by a
significant decrease in the load capacity at a displacement ductility, µ∆, of 2 in the pull direction.
After the column was retrofitted at this stage, testing resumed in displacement control. It was
then observed that the lateral load decreased on the second and third cycles of testing beyond the
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displacement ductility level 4 µ∆. The next performance level was characterized by column/bent
cap joint shear failure, which occurred at a 5 µ∆. As before, after this level the joint region was
retrofitted, and upon resuming testing in displacement control, anchorage failure of the column
longitudinal bars occurred at a 8 µ∆. Overall, the structure did not dissipate large amounts of
energy, as quantified by the relatively small area enclosed by the hysteresis loops. Also, joint
shear failure and pullout of the column longitudinal reinforcement are evidenced by the pinching
of the hysteresis loops and a large decrease in the lateral load beyond ductility level 5.
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Figure 76 Load-displacement hysteresis loops for Unit 1.
Column Curvature. The column curvature plots, shown in Figure 77, indicate the clear
formation of a plastic hinge in the column, evidenced by the sharp increase in the slope of the
curvature line between the bent cap face and 203.2 mm (8 in.) above the bent cap. Analysis
indicated that a plastic hinge would form in the first 508 mm (20 in.) of the column. Location of
the instrumentation to develop the curvature plots was previously indicated in Figure 53.
Beam Curvature. The beam curvature plots, shown in Figure 78, indicate extremely low levels
of curvature in the bent cap throughout testing and showed negligible change as testing
progressed. This indicates that no inelastic deformations were observed in the bent cap due to
either flexural or shear demands, which matched general observations recorded during testing.
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Figure 78 Beam curvature distribution.
Column Longitudinal Steel Strains. The column longitudinal steel strain profiles, shown in
Figure 79, indicate that the first yielding of the column longitudinal bars occurred at the beam
face at a lateral load level of 0.75 Vy in the push direction and 1.00 Vy in the pull direction,
indicating a good correlation with the predicted values. Furthermore, for the low levels of
testing, it is clear that yielding occurred initially only at the column-beam interface.
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Figure 79 Longitudinal column strains – Line A.
Column Hoop Steel Strains. Yielding was not initiated in the column hoop steel until the
displacement ductility of 1.5 µ∆. As the column was subjected to higher levels of ductility, 2 µ∆
and 3 µ∆, all of the instrumented column hoop bars experienced strain levels in excess of the
yield range. These levels of strain correlate with the column shear failure observed in the test
unit. The column hoop steel strain plots are shown in Figure 80.
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Figure 80 Column hoop strains.
Bent Cap Stirrup Steel Strains. The stirrup steel strain profiles, shown in Figure 81, indicate the
bent cap stirrups at the face of the column reached the yield range at a displacement ductility of 2
µ∆, suggesting the onset of joint shear failure.
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Figure 81 Bent cap stirrup strains.

Column CFRP Hoop Strains. The column CFRP strains are shown in Figure 82. To evaluate the
CFRP contribution to both confinement and shear in these regions, gauges were applied on the
faces of the column. Gauges on the push and pull face measured FRP strains that result from the
confining action, and gauges on the sides of the column measured FRP strains that result
primarily from shear action. The strain levels of all four gauges at each column height remained
below the yield range of the reinforcing steel. This indicated that the column was well confined
and an additional shear failure of the column was not experienced, which agreed with the general
observations.
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Figure 82 Column FRP hoop strains for rows CF2 and CF3.
Bent Cap/Joint FRP Strains. The bent cap CFRP strain gauge readings were separated in three
sections: (1) bent cap diagonal FRP strains; (2) bent cap longitudinal FRP strains; and (3) bent
cap stirrup FRP strains. The strain gauge deployment on the bent cap CFRP sheets is shown in
Figure 83. The plots of the bent cap strain gauges are given in Figures 6.84 and 6.85.
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Figure 83 Bent cap FRP strain gauge placement.
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Figure 84 Bent cap diagonal FRP strains.
The diagonal FRP strain gauges measured changes primarily in the principal strain directions
across the joint. They indicate development of a joint shear failure, as explained by the large
levels of strain in gauge JD2 - JD5. The longitudinal FRP strains indicated dilation of the joint,
and the bent cap stirrup FRP strains indicated pullout of the column longitudinal reinforcement
from the joint region. The strain for each bent cap FRP gauge was plotted individually to more
accurately determine the performance of the column/bent cap joint region after retrofit.
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The low levels of strain recorded in JD1 indicate low force transfer in the diagonal FRP strips to
the top of the bent cap. The shape of the strain profile from JD1 seems to indicate that the strain
on this gauge was predominantly affected by the confining effects on the top face of the bent cap
rather than from the tension transferred across the joint region. The shape of this curve is
characteristic of confining/shear effects, as in column hoop gauges.
Gauges JD2 - JD4 progressively show higher levels of strain. The low levels of strain at gauge
JD2 in the center of the joint are indicative of two effects. First, in the original joint failure,
cracks developed on either side of the joint center but none exactly at the center of the joint. Due
to the formation of the crack pattern and the compression struts for this particular bent
cap/column geometry, it is possible that the center of the joint experienced low deformation
levels and, consequently, minimal change in strain. Second, gauge JD2 was positioned on both
the FRP strip parallel to the gauge and on the strip crossing the joint in the opposite direction. In
this region, the forces may have redistributed through the FRP matrix to fibers oriented
orthogonal to the instrumented strip thereby reducing the strain measured by gauge JD2.
The highest strain measured by gauges JD3 or JD4, approximately 7,000 microstrain, was less
than 50% of the ultimate rupture strain of the material, which is 16,600 microstrain. This
indicates good correlation between the FRP design techniques and the actual test results.
The longitudinal FRP bent cap gauges experienced levels of strain at the ultimate condition
similar to those that would be expected at the onset of yielding of a reinforcing bar. This
indicates that an appropriate amount of FRP was used to prevent flexural failure of the bent cap
prior to the ultimate condition of the structure.
Gauges used to monitor shear and confinement of the bent cap experienced very low levels of
strain. This indicates that the bent cap concrete and reinforcing steel were sufficient to carry the
bent cap shear and confinement loads through the ultimate condition of the structure.
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Gauges JS5 and JS6 located to monitor shear in the face of the bent cap and confinement of the
bent cap showed virtually no change in strain throughout testing. Gauge JS7 located to monitor
confinement near the center of the bent cap showed a minimal increase in strain with increased
ductility levels. This indicates that the top face of the bent cap was displacing as the column
longitudinal anchorage began to fail.
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Figure 85 Bent cap stirrup FRP strains.
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Phase I Testing: Unit 2
General Observations
Application of Axial Load. The axial load was applied as in Unit 1. As the column axial load
was applied, the structure was monitored for cracking or other external signs of stress.
Testing in Load Control. Testing progressed and observations were made at the following three
load cycles:
• 0.33 Vy, 133.5 kN (30 kips): Microcracks initiated at the bottom of the column in the pull
direction.
• 0.50 Vy, 200.2 kN (45 kips): Microcracks initiated at the bottom of the column in the push
direction.
• Vy, 400.3 kN (90 kips): Spalling occurred at the base of the column in the 50.8 mm (2 in.)
unstrengthened clear region in both the push and pull directions.
Testing in Displacement Control. Testing progressed and observations were noted at the
following displacement levels:
• 1 µ∆, 30.5 mm (1.2 in.): Cracks on the top face of the bent cap began to propagate out from
the column base on the third push cycle.
• 1.5 µ∆, 45.7 mm (1.8 in.): Vertical cracks developed on the face of the column propagating
up from the face of the beam. The cracks appeared to be reflective cracks above the column
longitudinal bars.
• 4 µ∆, 121.9 mm (4.8 in.): Cracks developed in the top of the bent cap above the locations of
the girder simulation beams in the push direction.
• 5 µ∆, 152.4 mm (6 in.): Microcracks developed below the column on the bottom face of the
bent cap in the push direction. The cracks propagated out from the bottom center of the beam
face at approximately 45° angles toward the center of the beam, as shown in Figure 86. Under
the subsequent pull cycle, the column core began to pull out from the bent cap. The microcracks
on the underside of the beam began to open, and the lateral load did not increase over the load at
the previous displacement ductility. Locations of potential concrete spalling were identified by
testing for hollow-sounding locations beneath the FRP. These regions were mapped as shown by
the cross-hatched areas in Figure 87, and the locations of FRP anchors were added as shown in
Figure 87.
• 7.5 µ∆, 228.6 mm (9 in.): Concrete spalling occurred at the base of the column up to 88.9 mm
(3.5 in.) and 63.5 mm (2.5 in.) in the push and pull cycles, respectively. The ultimate condition
of the structure was reached on the second cycle in the push direction with the fracture of a
column longitudinal bar. The fracture was evidenced by a loud “popping” noise.
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Crack Pattern

FRP Stirrups

Figure 86 Crack pattern in bottom of bent cap
at 5 µ∆.

Figure 87 Locations of FRP anchors overlaid
hollow regions on bent cap face.

Data Analysis
Load-Displacement Relation. Figure 88 shows the relation between lateral displacement and
lateral load. A sharp decrease in lateral load was observed at a displacement of approximately
55.9 mm (2.20 in.). This occurred in the push direction and was caused by the fracture of the
column longitudinal bar indicating that the ultimate performance level was reached at this level.
This performance level occurred following one cycle at a displacement ductility, µ∆, of 9.

The lateral load increased with displacement to displacement ductility between 4.5 and 6. The
shape of the hysteresis loops shown in Figure 88 indicate that no shear failure occurred
throughout testing. The large areas inside the hysteresis loops indicate significant amounts of
energy absorption within the structure. However, a slight pinching of the hysteresis loop
indicates the likelihood of moderate levels of degradation in the joint region.
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Figure 88 Load-displacement hysteresis loops for Unit 2.
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Column Curvature. The column curvature plots shown in Figure 89 indicate the formation of the
plastic hinge in the column, as in Unit 1.
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Figure 89 Column curvature.
Beam Curvature. The beam curvature plots, as shown in Figure 90, indicate that the curvature of
the beam was highest near the joint and decreased with increased distance from the joint. In
comparison to the column curvature, the beam curvature was negligible throughout testing,
indicating that most energy dissipation occurred within the plastic hinge formed in the column.
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Column Longitudinal Steel Strains. The column longitudinal steel strains indicate that the
column reinforcing reached yielding at a load level of 100% Vy. The highest strains developed at
152.4 mm (6 in.) from the bent cap/column interface and continued to increase with increased
displacements. Above and below 152.4 mm (6 in.), steel strains increased more gradually
indicating the formation of the plastic hinge at approximately 152.4 mm (6 in.) from the face of
the beam. The plots were very similar to those presented in Figure 79.
Column Hoop Steel Strains. The column hoop strains indicate that the column did not
experience a shear failure. Through a load level of 100% Vy, only one strain gauge located on the
push/pull face of the column reached the yield range. At any point during testing, the yield range
was reached only on the hoop nearest the bent cap in the region of column confinement. The
strain profile plots were very similar to those presented in Figure 80.
Bent Cap Stirrup Steel Strains. The bent cap stirrup strains did not reach first yield until a
displacement ductility of 7.5 µ∆, indicating the bent cap and the joint did not experience the onset
of shear failure until the ultimate condition of the structure had been achieved.
Column FRP Strains. In the region of the plastic hinge, the confinement FRP experienced
higher strains on the compression face of the column than on the tension face of the column. The
strain in the steel hoop nearest the face of the bent cap correlated closely with the FRP strain in
the same location, indicating that the hoop steel and column FRP worked together to confine the
concrete core. Above the plastic hinge region, in locations of column shear alone, the FRP strain
reached a maximum value of approximately 1,750 microstrain. This strain level is below the
ultimate rupture strain of the FRP and below the yield range of the column hoop steel. This, in
conjunction with the steel hoop strains, indicates that the column did not experience a shear
failure.
Bent Cap/Joint FRP Strains. The diagonal FRP strain gauge plots correlate closely with similar
strain gauges plots from the first test unit. The highest strain experienced by the diagonal FRP
strips was approximately 50% of the ultimate rupture strain of the material. The strains on the
FRP strengthening sheets are presented in Figure 91. For example, the plots for gauge JD1 show
strains opposite in sign to other gauges located on the diagonal FRP strip. This indicates that the
top-center of the bent cap experienced tensile stresses as the rest of the FRP strip experienced
compressive stresses and visa versa. This suggests that the FRP in this region contributed to the
column anchorage while the majority of the FRP strip carried joint shear forces.

The strain gauges located on the bent cap longitudinal FRP correlate nicely with the longitudinal
steel strains. The longitudinal FRP strains reached a maximum of approximately 2,750
microstrain or 16% of the rupture strain of the material.
The strain gauges located on the vertical FRP strips recorded the highest levels of strain on the
top and bottom of the bent cap. This correlates with the observations made of gauge JD1. Gauges
on this strip indicate that the FRP made a minimal contribution to the shear performance of the
bent cap, but it made a significant contribution to the confinement of the bent cap and to the
anchorage of the column.
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Figure 91 Bent cap diagonal FRP strains.
Phase II Testing: Unit 3
General Observations
Application of Axial Load. An axial load was applied on the column, increasing from 0 to 170
kips. During and after application of the axial load, no crack was observed. Note that throughout
testing of the specimen, the axial load varied up to ±14% due to elongation of the steel rods used
to apply the axial load as the lateral displacement increased, shortening of the column.
Testing in Load Control. Testing progressed and observations were noted at the following load
control cycles:
• 0.25 Vy, Push/Pull – 80.1 kN (18.0 kips): No cracks were observed in both directions.
• 0.50 Vy, Push/Pull –172.8 kN (38.8 kips): Minor cracks developed at the bottom portion of
the column in the pull/push directions.
• 0.75 Vy, Push/Pull – 258.0 kN (58 kips): “Hairline” flexural cracks were noted on both sides
of the columns (see Figure 92). No cracks were observed in joint and bent cap at this stage.
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Figure 92 Column flexural cracks at V = 258 kN in push direction.
Testing in Displacement Control. Following retrofitting of the specimen, testing progressed and
observations were made at the following displacement control ductility levels:
• 1µ∆, 19.8 mm (0.78 in.): Column shear cracks were noted between the loading stud and steel
sheet. Shear cracks also occurred in the first cycle of this level of displacement ductility. As the
lateral displacement increased (1.5–6 µ∆), more shear cracks appeared on the top portion of the
column and their lengths were extended, as shown in Figures 6.93 and 6.94. Similarly, the crack
patterns as shown in Figures 6.95 and 6.96 were developed in the bent cap.
• 3µ∆, 59.4 mm (2.34 in.): Diagonal steel plates began to bulge out of the side face of the bent
cap beam under compression, indicating that spalling of the cover concrete beneath the steel
plates likely occurred at this displacement level.
• 8 µ∆, 158.5 mm (6.2 in.): During the first cycle of loading, a loud sound was heard from the
joint area, indicating significant anchorage failure of the column longitudinal reinforcing bars. In
the second and last cycle of loading, a conical portion of concrete was lifted out of the bent cap
in the joint area as the anchorage failure of the column longitudinal bars became more
pronounced. Throughout the testing, no buckling of the steel sheet was observed.

Figure 93 Column shear cracks
distribution in the push direction.

Figure 94 Column shear cracks
distribution in the pull direction.
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Figure 95 Bent cap joint crack pattern (above
the diagonal steel plates).

Figure 96 Bent cap joint crack pattern
(below the diagonal steel plates).

At the completion of the tests, the thin steel sheet and steel rings on the column were removed in
order to examine the crack pattern on the column. As shown in Figures 6.97 and 6.98, only some
“hairline” cracks appeared on the column surfaces in the push and pull directions. More
important, the shear cracks above the steel sheet did not propagate into the retrofitted portion,
indicating the effectiveness of the retrofitting scheme in increasing shear strength.
Similarly, the steel plates at the beam-column joint were removed in order to examine the crack
pattern in the joint area. As shown in Figure 99, some of the new joint cracks (above or below
the diagonal steel plates after retrofitting) did not propagate into the retrofitted bent cap areas,
and the cracks underneath the steel plates are narrower than those outside the steel plates,
indicating that the retrofitting scheme does control the widening of shear cracks even though it
cannot stop it.

Figure 97 Crack pattern on the column surface
in the push direction.

Figure 98 Crack pattern on the column surface
in the pull direction.
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Figure 99 Bent cap joint crack pattern (after removal of diagonal steel plates).
Data Analysis
Load-Displacement Relation. Figure 100 and Figure 101, respectively, present the loaddisplacement hysteresis loops and the load-displacement envelopes for the first, second, and third
cycles of loading at each level. In examining Figure 100, three performance levels were
evidenced by a significant decrease in the lateral load during the second and third cycles at a
given displacement level. For example, excessive column shear cracks occurred in the push
direction at a displacement ductility, µ∆ , of 2. The bent cap/joint significantly cracked at a
ductility of 5 and, ultimately, the anchorage failure of the column longitudinal rebars is seen at a
ductility of 8, resulting in a substantial reduction of the lateral load capacity reflected by the
pinching of the hysteresis loops in Figure 100.

Figure 101 indicates that the column jacket was effective in passive confinement to prevent the
complete column shear failure. That is, the lateral column dilation associated with the
development of diagonal shear cracks was resisted by the steel jacket. However, the steel plate
retrofit in the joint area seemed to improve the joint performance slightly, but it was insufficient
to prevent the development of significant cracking in the joint, resulting in final failure of the
specimen by pullout of the column longitudinal rebars.
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Figure 101 Load-displacement envelope.

In order to maintain a constant axial load, a hydraulic jack was used in pressure control through
an electric motor. Even so, the specimen experienced approximately +5% or –10% fluctuations
in axial load as the lateral displacement increased, as illustrated in Figure 102. This increase in
axial load as displacement increased was attributable to the lengthening of the column rods that
were used to apply the axial load.
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Figure 102 Axial load changes with lateral displacement.
Bent Cap Longitudinal Steel Strains. As shown in Figure 103, the strains of longitudinal bent
cap longitudinal reinforcement were generally below yield, indicating that the bent cap remained
elastic most of the time during the experiments, particularly at the bottom of the cap beam.
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Figure 103 Bent cap strains of Unit 3.

(a) Top reinforcement

Bent Cap Stirrup Steel Strains. The strain distribution in the bent cap stirrups is presented in
Figure 104. Similar to the longitudinal reinforcement, the stirrup strains of the bent cap did not
reach first yield until a displacement ductility of 6. This indicated that the bent cap and joint did
not experience the onset of shear failure until the ultimate condition of the structure had been
achieved.
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Figure 104 Bent cap stirrup strains.
Column Steel Ring Strains. Figure 105 shows the strains at three elevations of the column. They
were located on the face of the column in the push or pull direction. It can be seen from this
figure that strain increased with the lateral load applied on the column. These strain values were
relatively small because the thickness of steel rings was 1.27 mm (0.5 in.) rather than the design
value of 0.64 mm (0.25 in.).
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Figure 105 Strains on steel rings of Unit 3.
Bent Cap/Joint Steel Plate Strains. The bent cap/joint was retrofitted with diagonal and vertical
plates that were both instrumented with strain gauges. Figure 106 shows the strains measured on
both steel plates. The strains in diagonal steel plates indicate potential joint shear failure, while
those in vertical plates provide an indication of potential shear failure of the bent cap. Since the
bent cap/joints of Units 2 and 3 were both strengthened from nearly no-damage state, and that of
Unit 1 was repaired after having been damaged, the strain measurements from Unit 3 are
compared with those of Unit 2. It can be seen from Figure 106 that the strain values at the center
of the joint are approximately five times as low as those of the CFRP strengthening joint, as
shown in Figure 91. The significant difference in strain values is due mainly to different crosssection areas in the two units. Indeed, the cross sectional area of the steel diagonal plates is
approximately five times as large as that of the CFRP cross section. Therefore, the force levels in
the diagonal retrofitting member of Units 2 and 3 are comparable. As a result, the loaddisplacement curves in Figures 6.88 and 6.100 for Units 2 and 3, respectively, revealed
comparable stiffness degradation of the joint.
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Figure 106 Strains in steel plates for joint retrofitting.
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Phase II Testing: Unit 4
General Observations
Application of Axial Load. Testing of Unit 4 was conducted in a similar manner to that of Unit 3
after Unit 4 was strengthened at its virgin condition. The axial load applied to the column of Unit
4 was the same as that for Unit 3. No cracks were observed during the increasing of axial loads.
Due to axial shortening of the column and elongation of the steel rods used to apply the axial
load as the lateral displacement increased, the axial load varied up to ±16% throughout the
course of the testing. The overall test setup can be seen in Figure 47.
Testing in Load Control. Testing progressed by applying a lateral load of (0.25–0.75) Vy and no
cracks were observed outside the retrofitted areas.
Testing in Displacement Control. Testing progressed and observations were made at the
following displacement control ductility levels:
• 1µ∆, 19.8 mm (0.78 in.): Column cracks appeared in the push direction, as shown in Figure
107(a). On the third pull cycle, cracks were also observed at the bottom of the column and
propagated from the middle to the two sides of the bent cap beam.
• 1.5µ∆, 29.7 mm (1.17 in.): The cracks on the column propagated as the lateral displacement
was increased, as illustrated in Figures 6.107(b-h). Some of the side views of the tested column
were presented in Figure 108. On the first push cycle of displacement ductility 1.5µ∆, spalling
was noted at the base of the column in the 50.8 mm (2 in.) unstrengthened clear region.
• 2µ∆, 39.6 mm (1.56 in.): Joint shear cracks appeared in the first cycle. They were then
extended as the lateral displacement was increased, as illustrated in Figure 109. Unlike Unit 3, no
conical portion of the bent cap/joint was observed to have lifted up, indicating no significant
debonding of the column longitudinal rebars.
• 12 µ∆, 237.8 mm (9.3 in.): On the second cycle in the push direction, a loud “popping” sound
was noted, indicating fracture of one or more of the column longitudinal reinforcing bars, as
shown in Figure 110.

After testing was complete, the steel sheet and steel rings on the column were removed in order
to examine the crack pattern beneath the steel components on the column. As shown in Figure
111, the shear cracks on the column above the steel sheet were generally arrested at the
retrofitted portion. Beneath the steel sheet, only some “hairline” cracks were observed on the
column face, indicating that the retrofit scheme provided sufficient shear strength.
Similarly, the steel plates at the joint were removed to examine the crack pattern. As shown in
Figure 112(a), the joint cracks propagated into nearby bent cap areas, and the width of the cracks
behind the steel plates is smaller than that outside the steel plates. Right below the column,
cracks were initiated at approximately 45°on the bottom face of the bent cap, from the edge of
the bent cap and extended toward the middle of the bent cap. Eventually, more cracks were
developed in the center area of the bottom face of the bent cap to form an elliptical shape of
cracked area, as shown in Figure 112(b).
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(a) At 1.0 µ ∆ in the push direction

(b) At 2.0 µ ∆ in the push direction

(c) At 2.0 µ ∆ in the pull direction

(d) At 3.0 µ ∆ in the push direction

(e) At 3.0 µ ∆ in the pull direction

(f) At 4.0 µ ∆ in the push direction

(g) At 4.0 µ ∆ in the pull direction

(h) At 6.0 µ ∆ in the pull direction

Figure 107 Column shear cracks.
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(a) At 1.5 µ∆

(b) At 3.0 µ∆

Figure 108 Column shear cracks on the side face.

(a) Front side at 8.0 µ∆

(a) Back side at 12.0 µ∆

Figure 109 Joint shear cracks outside the retrofitting steel plates.

(a) Push face

(b) Pull face

Figure 110 Fracture of column longitudinal rebars.

(a) Push direction

(b) Side face

Figure 111 Crack pattern on the column behind the retrofitted steel sheet.
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(a) Side face

(b) Bottom face

Figure 112 Crack patterns in the bent cap/joint area.
Data Analysis
Load-Displacement Relation. Figure 113(a) shows the load-displacement hysteresis loops of
Unit 4 specimen. It can be seen that the specimen achieved an ultimate displacement ductility of
12 prior to fracturing of the column longitudinal rebars, which was evidenced in the loaddisplacement curves as a sudden drop of lateral load at a displacement of approximately 213 mm
(8.4 in.) in the push direction. Additionally, the beam-column assemblage continued to resist
higher loads as displacement ductility increased up to 6 or even 8, showing little stiffness
degradation in comparison with the previous three specimens. Consequently, the hysteresis loops
of this specimen were fully developed, indicating no shear failure of the structure throughout
testing and high energy dissipation ability. Figure 113(b) shows the envelope of the maximum
lateral displacement and lateral load for each of the three cycles of testing. The load in each
envelope continuously increased and the difference among the three envelopes is small except
the last displacement level. The degradation in stiffness is therefore negligible in comparison
with Figure 101. This indicates that the performance level was ductile and at no time did a
sudden failure, such as shear failure, occur. These effects are attributable to the post-tensioned
load applied on the cap beam.
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Even though a hydraulic pump was used to maintain a constant axial load applied on the column,
the test specimen experienced some changes in axial load, as shown in Figure 114, as the lateral
displacement increased. This increase in axial load was attributed to the lengthening of the
column rods that were used to apply the axial load. As the column displaced, these rods rotated
about the bottom face of the cap beam and were lengthened, causing an increase in the applied
axial load.
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Figure 114 Fluctuation in axial load during testing.
Bent Cap Longitudinal Reinforcement Strains. As shown in Figure 115, the strains of the
longitudinal reinforcing bars of the bent cap were below yield, indicating that the bent cap
remained elastic throughout testing.
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Figure 115 Strains on bent cap longitudinal reinforcing bars.
Bent Cap Stirrup Strains. Similar to the bent cap longitudinal reinforcement, the bent cap
stirrups were subjected to strains less than the first yield strain until displacement ductility of 12,
as illustrated in Figure 116. This indicates that the bent cap and joint did not experience the onset
of shear failure until the ultimate condition of the structure had been achieved.
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Figure 116 Strains on the stirrups of bent cap.
Column Steel Ring Strains. Figure 117 shows the strains at three elevations of the column. They
were located on the face of the column in the push or pull direction. It can be seen from the
figure that strain increased with the lateral load applied on the column.
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Figure 117 Strains on steel rings.
Bent Cap/Joint Steel Strains. Figure 118(a) presents the strain measured at the middle of one
diagonal plate for the monitoring of potential joint shear failure, and Figure 118(b) illustrates the
change of strains in one vertical steel plate for shear strengthening and confinement of the bent
cap. Compared with Figure 106, Figure 118 indicates that the strains in both diagonal and
vertical plates are smaller than those of Unit 3. This is most likely due to the introduction of four
post-tensioned rods so that prestressing applied on the bent cap can significantly reduce the
likelihood for widening of the joint cracks. As such, the strains on the retrofitting steel plates at
the joint area are released. In addition, Figure 118(b) indicates that the change in strain of the
vertical plate is small as the lateral displacement increases. Indeed, the magnitude of strains in
the vertical plates is near the noise level.
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Figure 118 Strains in the retrofitted steel plates in the joint area.
Phase III Testing: Unit 5
General Test Observations

Testing of Unit 5 was conducted in a similar manner to the testing of Phases I and II units. A
summary of the observations made during testing of Unit 5 are given in this section followed by
observations recorded during each phase of testing. The test setup is shown in Figure 119. Any
reference to side “A” or side “B” will correspond as shown in this figure.

Figure 119 Test setup.
Application of Axial Load. As the column axial load was applied, the structure was monitored
for cracking or other external signs of distress and recorded in the test specimen for post-test
evaluation. Like the previous tests, a hydraulic pump driven by an electric motor was used to
maintain a relatively consistent axial load on the unit. A slight increase occurred at larger
displacements as the piston was forced back into the jack.
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Testing in Load Control. Observations were made at the following three load cycles:
• 0.50 Vy, 140.1 kN (31.5 kips): Microcracks began to form in the gap region between the
bottom of the steel shell and the bent cap in the push direction and were followed by microcracks
in the pull direction as well.
• 0.75 Vy, 210.4 kN (47.3 kips): Cracking occurred at the interface of the base of the column in
both the push and the pull directions.
• Vy, 280.2 kN (63 kips): Indications of strain penetrations into the bent cap resulted in the first
longitudinal cracks appearing in the bent cap top surface, as shown in Figure 120(a).
Testing in Displacement Control. Observations were noted at the following displacement levels:
• 1 µ∆, 38.1 mm (1.5 in.): Onset of joint shear and flexural cracking of the bent cap; strain
penetration cracks grow. Onset of spalling of the cover concrete in the 50.8 mm (2 in.)
unreinforced gap between the bent cap and the steel shell.
• 1.5 µ∆, 57.2 mm (2.25 in.): Additional joint shear cracking and increase in strain penetration.
• 2 µ∆, 76.2 mm (3 in.): Strain penetration caused the concrete to lift and increased spalling in
the gap region. Enlargement of the crack at the column/bent cap interface was also observed in
this cycle. Loss in capacity beyond ductility level 2 was recorded. Cracks on the side face of the
bent cap are shown in Figure 120(b).
• 4 µ∆, 152.4 mm (6 in.): At each cycle at ductility level 4, there was also a significant loss of
capacity. The strain penetration blocks on each side of the column lifted, as shown in Figure
121(a). Where the loose cover concrete was removed, the block reached to the first line of
headed reinforcement on side “A,” as is shown in Figure 121(b). The strain penetration on side
“B,” as shown in Figure 122, was also significant but not as extensive as on side “A.”
• 6 µ∆, 228.6 mm (9 in.): An even greater loss in capacity was observed at this ductility level.
Cracking was observed at the bottom of the beam, indicating pullout failure of the column
longitudinal bars. With further cycles, spalling of the cover concrete was recorded on the bottom
side of the bent cap. On the last cycle, buckling of the main column longitudinal bar occurred on
side “B.”
• 8 µ∆, 304.8 mm (12 in.): There was a continual significant loss in capacity at this ductility
level. The column bar that buckled, fractured early in the first push cycle. Cracking continued at
the bottom of the beam and large blocks of concrete were removed from the bent cap. However,
the recorded joint shear cracks did not grow and stayed small, as shown in Figure 123.

(a) Displacement ductility = 1.0

(b) Displacement ductility = 2.0

Figure 120 Cracks on the bent cap.
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(a) Strain penetration

(b) Bent cap top after concrete removal

Figure 121 Strain penetration and concrete removal on Side A of the bent cap.

Figure 122 Concrete removal from side “B.”

Figure 123 Shear cracks.

Data Analysis

All strain gauges and LVDT locations referred to in this section are shown in Figure 54 through
Figure 62. Any references to the push or pull direction of the lateral load, along with side “A”
and side “B” of the specimen, are shown in Figure 119. The strain levels presented are indicated
as negative for compressive strains, and positive for tensile strains.
Load-Deformation Curves. Figure 124 shows the measured lateral load versus the lateral
displacement at the center of the load stub. The response of the test unit shows that the ultimate
flexural capacity of the column was reached at displacement ductility level 4. A significant drop
in capacity at ductility level 4 and subsequent ductility levels is an indication of pullout failure of
the column longitudinal bars, and will be discussed further.
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Figure 124 Load-displacement hysteresis curves.
Column Longitudinal Reinforcement. As determined from the tensile tests of these bars,
yielding of the column bars occurred at ±2740 microstrains. Figure 125(a, b) show the strain
profile for the outermost longitudinal bar on the side “A” of the column (the bar that is in
compression on the push cycle of the actuator) for the initial and final stages, respectively. On
the side “B” of the column, the corresponding strain profiles for the outermost longitudinal bar
(the bar that is in tension on the push cycle of the actuator) are respectively presented in Figure
125(c, d). For ease of reference it is noted that in these figures the zero distance to the joint
corresponds to the interface between the column and the bent cap.

Yielding of the column bars occurred near the predicted load, Vy. As shown in Figure 125,
column bars first yielded at the column/bent cap interface, indicating that the plastic hinge
formed at this location.
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Figure 125 Strains in column longitudinal reinforcement.
Bent Cap Shear Reinforcement. Figure 126(a, b) respectively, show the early and final stage
strain profiles of the stirrups in the original section prior to strengthening, while Figure 127(a, b)
present their corresponding strain profiles in the strengthened bent cap concrete section.

At the early stages of testing, the recorded levels of strains were not significant, indicating no
shear cracks on the bent cap up to displacement ductility of 1. This indication was confirmed by
the observations during testing. As the lateral displacement increased in the final stages of
testing, the strains in the bent cap stirrups were increased. As shown in Figures 6.126 and 6.127,
the level of strain increase was nearly the same for both the original and the retrofitted stirrups.
This indicates that the retrofit section and the original section were acting as a single unit. The
strains present in the retrofit stirrup at the centerline of the bent cap were approximately twice of
the strains recorded in the stirrups at the face of the column. In contrast, no shear reinforcement
was present in the original concrete section within the joint region. Beyond the column face, the
strains in the stirrups decreased significantly, indicating that the joint shear mechanism
developed primarily within a distance of hb/2 from the column face, as predicted by the joint
shear mechanism previously described in Figure 33.
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Figure 126 Shear strain in stirrups prior to strengthening.
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Figure 127 Shear strain in stirrups after strengthening.
Bent Cap Longitudinal Steel. The yield strain of the original longitudinal reinforcing bars was
2807 microstrains. The yield strain of the retrofitted longitudinal bars was 2544 microstrains. For
both the original and the retrofitted steel, the reinforcement remained within the elastic range,
indicating that the bent cap stayed primarily within the elastic range for flexure and shear. For
similar locations, the levels of strain in both the retrofit and the original steel were very close,
indicating that the entire section acted as one unit. After ductility level 4, the applied lateral load
decreased, and hence the moment applied to the bent cap decreased. However, the strains in the
longitudinal reinforcement at the bottom of the bent cap continued to increase, as shown in
Figure 128 and Figure 129. This was attributed to the joint shear mechanism, which increased
the demand on the longitudinal reinforcement and indicated that additional longitudinal
reinforcement is necessary in the bent cap in order to stabilize the joint shear mechanism as
predicted by Equations 6.24 and 6.25. Note that the magnitude and distribution of the strains in
top reinforcing bars are similar to those in bottom reinforcement, as can be seen in Figure 130.
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Figure 128 Strains in bottom reinforcing bars of the original bent cap.
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Figure 129 Strains in bottom reinforcing bars of the retrofitted bent cap.
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Figure 130 Strains in top reinforcing bars of the retrofitted bent cap.
Transverse Joint Reinforcement. The headed reinforcement on the sides of the bent cap was
designed for two purposes: to allow for shear flow transfer between the original and the new
concrete sections, and to provide constraint on the transverse dilation of the joint. Since they
were installed from both sides, the headed reinforcing bars were only inserted to half of the
width of the bent cap from either side but they were not connected. Consequently, no mechanism
existed to properly transfer the transverse forces across the joint, and longitudinal cracks
developed along the length of the bent cap. As shown in Figure 131, the strains in the headed
reinforcement stayed relatively small throughout the test. This indicates that the headed
reinforcement was not providing for a mechanism to close these longitudinal cracks, and the
recorded strains are mainly due to shear-flow transfer across the two sections. This resulted in a
dilation of the joint region and, consequently, pullout of the column longitudinal reinforcement.
This confirms that the headed reinforcement did not provide a clamping mechanism to the joint
region, and in future testing this condition must be considered by providing continuous
transverse reinforcement across the joint.
Joint Shear Deformation. Joint shear deformations were measured and calculated by using the
LVDTs, as shown in Figure 61. Referring to this figure, the LVDTs used in the computation of
the joint shear deformation were J1, K2, JHB, JHT, JVa, and JVb. A detailed review of the
necessary calculations to obtain these joint shear deformations are extensively documented in the
literature (Silva et al., 1999). Figure 132 shows the joint shear deformations, which are relatively
small and correlate with the level of crack width recorded during testing. This was attributed to
sufficient reinforcement that maintained the cracks relatively closed, as shown in Figure 133, at
ductility level 4.
Transverse Joint Dilation. During loading, it is expected that the principle stresses developed
within the joint region will lead to joint dilation that can be qualitatively visualized by
unrestricted expansion of cracks through the joint region. Transverse dilation of the joint region
was monitored; Figures 6.134 and 6.135 show the relation of the joint dilation with the
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progression of the test in time and the lateral displacement of the column, respectively. In the
first three cycles, the joint progressively dilated but did not remain permanently deformed until
the first cycle to Vy. The first joint shear cracks developed at this stage, which initiated at the
column face and propagated away from the column. In addition, joint shear deformations are
significantly smaller than transverse joint dilations.
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Figure 131 Strains in transverse headed reinforcing bars.
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Figure 132 Joint shear deformation.
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At the final stages of testing, degradation was recorded on the load capacity of the specimen.
This was attributed to joint shear failure predominantly in the transverse direction of the bent cap
and, subsequently, resulting in pullout of the column longitudinal reinforcement.
As indicated in Figure 133 by the small crack widths on the side of the bent cap, the strains in
both the original and retrofit shear stirrups are small, as can be seen from Figure 126 and Figure
127. In addition, the joint shear deformations are also small, as illustrated in Figure 132.
Therefore, the joint shear failure was attributed to excessive joint shear dilation of the bent cap in
its transverse direction. This can be explained by larger joint dilations rather than shear
deformation (see Figure 134). At ductility level 2, the joint dilation reached its peak and
remained constant up to the first cycle to ductility level 4. Furthermore, post-inspection of the
test unit showed a large crack width in the center of the bent cap running in its longitudinal
direction (see Figure 136). This crack was the result of lack of continuity of the transverse
headed reinforcement in the bent cap and of the joint shear stresses imposing unrestricted
dilation in the transverse direction. Once this mechanism developed, the column longitudinal
bars were not properly confined and pullout occurred.

Figure 136 Cracking and pullout of main column longitudinal bars.
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CONCLUSIONS

The overall performances of the three retrofitting schemes investigated with five test units are
compared and summarized in this section. Unit 1 was first tested in virgin condition. It was then
repaired with CFRP sheets and tested again to failure of the assemblage. Unit 2 was strengthened
with CFRP sheets prior to testing. Units 3 and 4 were basically strengthened with steel sheets
and plates of different connection details before testing began. Lastly, Unit 5 was strengthened
with softening of the steel shell on the column and concrete jacketing of the bent cap/joint. Based
on the test results and analysis of the five large-scale beam-column assemblage units, the
following conclusions can be drawn:
1. The unstrengthened column failed in shear at displacement ductility of 2–2.5. Prior to the
shear failure, the column shear capacity decreased with cyclic loading, which can be
accurately predicted with the UCSD shear model. However, the current ACI model did not
take this factor into account. After the failed column was repaired, the bent cap/joint
(unstrengthened) failed in shear at displacement ductility of 5. Both column and joint shear
failures were undesirable brittle failure modes, and they indicated that the prototype bridge
needs to be retrofitted for safety reasons in the event of a severe earthquake.
2. The CFRP wrapping for repairing of a cracked RC column can prevent further shear failure
of the column. It seems that grouting of shear cracks as an intermediate step in column repair
is sufficient to allow the column to return to its full service. Loss of anchorage of the column
longitudinal bars was the ultimate failure of the repaired test specimen. Although the ability
of a shear failed column/bent cap joint can be restored by repairing the joint with CFRP
sheets, it is often impractical to fully close existing joint shear cracks, and, therefore,
reestablish the anchorage of column longitudinal reinforcement in the joint region following
a column/bent cap joint failure.
3. The CFRP retrofit scheme was adequate for column shear strengthening and generally
acceptable for joint shear strengthening based on the limited test data from this study. The
strengthened specimen ultimately failed in fracture of a column longitudinal bar that occurred
prior to a complete joint shear failure. The bent cap did experience the onset of a shear cone
failure surrounding the column longitudinal bars at increased ductility levels. Although some
shear cracks occurred in the joint, the CFRP sheets successfully prevented the cracks from
further developing. Therefore, the retrofit technique was successful in preventing the
complete joint shear failure.
4. An interlocked nail joint failed in steel bearing, a desirable ductile failure mode, if the gap
between the two ends of a steel sheet connected with two rows of 25 mm (1 in.) long nails
was wider than 12.7 mm (0.5 in). The interlocked joint and a thin steel sheet were used to
strengthen the column of one specimen for shear capacity, and, together with a few steel
rings in the plastic hinge region, for ductility enhancement. No indication of shear failure was
observed throughout testing. Although the steel plates in the joint area can slow down the
widening of joint shear cracks, the ultimate failure mode of the column/bent cap was loss of
anchorage of the column longitudinal bars in the bent cap. Similar to the repaired specimen
with CFRP wrapping, it is unlikely that anchorage failure of the column longitudinal bars can
be prevented unless a “clamped” force is exerted on the joint, regardless of a retrofitted or
repaired column/bent cap joint.
5. A lap-spliced nail joint of two steel sheets likely failed in pullout of the nails, an undesirable
brittle failure mode, unless the number of rows of nails were five or more. The column
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strengthened with a thin sheet connected with a lap-spliced, 5-rowed nail joint was adequate.
The ultimate failure mode of the specimen strengthened with a lap-spliced joint was fracture
of the column longitudinal bars in the bent cap. This failure mode indicated that the steel
plate retrofit technique with prestressing of the bent cap can effectively prevent joint shear
failure, thereby allowing a column flexural failure to occur after displacement ductility of 12.
This effectiveness was mainly attributable to the external post-stress bars applied along the
axis of the bent cap. It was also observed that the stiffness degradation during three
consecutive cycles at a ductility level of 8 or less was minimal and the loading capacity of
the test unit did not decrease until displacement ductility of 8.
6. Initial loss in capacity of the column of the Alaska specimen was attributed to crushing of the
column cover concrete. This loss was accentuated by significant crushing of the concrete
core in the gap region, exposing and increasing the unbraced length of the extreme column
longitudinal reinforcement. This event accentuated the low cycle fatigue and subsequent
fracture of the column longitudinal reinforcement. Further degradation of the column
capacity was mainly due to pullout failure of the column longitudinal reinforcement due to
excessive dilation in the transverse direction of the joint.
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